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ABSTRACT The economic benefit resulting from the application of waterjet technology in 
underground and surface quarrying of dimension stone chiefly depends on slotting rate. The 
performance achievable in the field is connected with the operating features of the machine, 
the characteristics of the material and the tensional state of the rock massif. In order to assess 
the influence of the state of stress of the massif on the slotting rate, tests with oscillating 
nozzle have been carried out on samples subjected to a static load,  either in the direction of 
the compressive force or perpendicular to it. Results are illustrated and discussed and 
conclusions are drawn regarding the effect of the tensional state of the rock on material 
removal rate. 
 
 
1 FOREWORD 

Surface quarrying is the most widespread 
method for extracting dimension stones. This 
is mainly due to the relatively low depth of 
the deposits and to the difficulties in the 
application of  traditional technologies in an 
underground environment. On the other side, 
in developed countries, new constraints are 
continuously imposed to surface activities by 
the environmental legislation. The solutions 
aimed at mitigating the impact on the 
environment during the production activity 
and the land reclamation required at the end 
of the quarrying, introduce negative issues in 
the overall economic balance of the 
industrial enterprise. Considering that 
quarrying consumes land surface, landscape, 
and, clearly, the natural resource, it must be 
conducted with the maximum achievable 
efficiency. It means that efforts have to be 
directed to minimize the negative effects on 
the environment and to improve the recovery 
of the geologic resource (Agus et al. 1997). 

To these concerns underground quarrying 
appear to be better suited to the modern 

trend. In fact it minimizes the consumption 
of land, reduces the impact on the landscape 
and requires few and cheap interventions for 
the final land reclamation.   

Underground quarrying is widely diffused 
in the marble extraction industry (Fornaro et 
al. 1992) while it is rarely adopted for 
granite extraction. This fact  is mainly due to 
the cutting technologies used in the two 
cases: the diamond wire and the rock-cutter  
for marble extraction, drilling and explosive 
splitting for granite. While marble cutting 
technologies are suited for an underground 
environment and have been adopted with 
few modifications, those for granite can 
hardly be used underground. In the last 
decades two technologies have been 
developed that can make feasible granite 
underground quarrying: diamond wire and 
waterjet slotting. 

Diamond wire needs the support of 
another technology, due to its inherent 
limitations. To this end, waterjet would 
match very well the wire saw, playing a role 
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similar to that of rock-cutter in marble 
quarries.  

Therefore a suitable combination of these 
two technologies appears to be the most 
interesting solution for quarrying. 

2 UNDERGROUND QUARRYING 

The underground granite quarrying method 
here proposed makes use of a combination 
of diamond wire and waterjet technologies. 

A waterjet equipment used for tunnel 
excavation in a Japanese granite quarry is 
shown in Figure 1.  

 
 

Figure 1. Tunnel excavation in a Japanese 

quarry by means of waterjet slotting 

equipment 

The access underground would consist of 
a large gateway tunnel, from which 
production activity can be developed. For 
each advance step of tunnel excavation a 
pilot hole is first drilled perpendicular to the 
face, from which a slot can be started. The 
waterjet lance, bearing the oscillating nozzle 
directed towards the rock to be excavated, is 
traversed forth and back parallel to the pilot 
hole and after each cycle it is periodically 
moved sideways by incremental steps, thus 
extending progressively the rectangular area 
slotted until reaching the opposite end of the 
slot (Figure 2). From the first one all 
subsequent slots can be started following a 
convenient order. 

Once all the waterjet slots are completed, 
individual blocks can be extracted by cutting 
the back hidden face with diamond wire 
(Figure 3).  

 

 

 
 

Figure 2. Scheme of tunnel excavation in 

underground granite quarry using waterjet 

and diamond wire. First phase: Waterjet 

slotting at the face. Slot depth: 3m 

 

 
 

Figure 3. Scheme of tunnel excavation in 

underground granite quarry using waterjet 

and diamond wire. Second phase. Diamond 

wire sawing of the rear face in two stages of 

slicing. Block width: 1.5 m 

In the case of flat orebodies, blocks will 
be extracted by room-and-pillar  method 
according to a well-planned layout, whereas 
in the case of steeply dipping formations 
rock will be excavated by levels that are 
worked out individually with a downwards 
sequence, leaving large chambers some tens 
of meters high.  

Regarding bench geometry, two 
configurations can be adopted: 

A - High bench, where the vertical extent 
of the face varies from 6 to 18 m, according 
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to cases. Commercial blocks, whose size 
ranges from 4 to 12 m

3
, are produced with a 

sequence of cascade subdivisions. A primary 
block, up to 2,000 m

3
 in size, is first isolated 

from the hillside and then split into 
secondary blocks (slices), about 100 - 200 
m

3
 big and 1.5 to 3 m wide, that in turn are 

toppled to the floor. Production of final 
blocks takes place by means of suitably 
directed cuts across the thickness of each 
slice, aimed at separating the valuable stone 
from the defective material to be dumped as 
a quarry waste. This variant is applied 
whenever a selection is needed. Quarry 
recovery typically varies from 20 to 60%. 

B - Low bench, where face height is 
smaller than 3 m. Commercial blocks are 
individually extracted right from the bench,  
their size being of the order of 10 m

3
 with a 

very narrow range of variability. Recovery 
can be considerably large. This variant 
should be preferred if selection is not needed 
(rock exempt from flaws and little fractured). 

3 INFLUENCE OF THE STRESS ON 
THE WATERJET PERFORMANCE 

Many industrial experiences demonstrate 

that the slotting rate achievable on a given 

rock, with fixed operational parameters 

(waterjet pressure and nozzle diameter, lance 

traverse velocity, nozzle oscillation 

frequency) depends on the state of stress 

acting in the rock mass being cut (Ciccu 

1993, Ciccu and Flamminghi 1996). 

Aimed at finding the relation between the 

rock’s state of stress and the slotting rate an 

experimental research has been started at the 

DICAAR waterjet laboratory.  

3.1 Experimental Set-up 

The experimental set-up consisted of: 

- a Hammelmann High Pressure plunger 

pump (power at the engine flywheel: 

about 300 kW; maximum flowrate: 54 

l/min at 250 MPa); 

-  a waterjet lance provided with an 

oscillating nozzle (top frequency: 20 

Hz; maximum traverse velocity: 15 

m/min); 

-  a block carrier platform (minimum 

advance step: 1 mm/cycle); 

-  a programmable control unit; 

-  a specially designed uniaxial 

compression cell provided with a 

hydraulic jack capable of imparting a  

load of up to 100 t to the sample. 

Tests have been carried out under the 

following experimental conditions: 

- pressure: 100, 160 and 200 MPa 

- nozzle diameter: 0.96 mm 

- oscillation frequency: 20 Hz 

- sweeping angle: 22° on each side 

- advance per stroke [mm] and  traverse 

speed [m/min]: variable 

3.2 Material 

Cubic samples of granite quarried in 

Sardinia, whose main characteristics are 

given in Table 1, have being used. 
 

Table 1. Physical and mechanical properties 
of the Rosa Beta granite 

 

Properties          Meas. Value 
  

Bulk specific gravity [kg/m
3
] 2,588 

Absorption coefficient [%] 4.85 

Porosity [%] 0.63 

Compressive strength [MPa] 1,920 

Flexural strength 156 

Impact test (Height of fall) [cm] 68 

P-wave velocity [m/s] 5,626 

3.3 Testing Procedure 

Four series of tests have been carried out 

with variable setting of pressure and traverse 

velocity, at constant nozzle diameter, 

oscillation frequency and sweeping angle. 

Each series was conceived for putting into 

evidence the effect of stressing in relation to 

the cutting direction. The first series was 

aimed at disclosing the variation of volume 

removal due to a compressive load applied 

in the central part (shadowed area) of a 
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parallelepiped shaped sample, perpendicular 

to the cutting plane, as shown in Figure 4. 

  

 
 

Figure 4. Experimental conditions for the 

first series of test 

Three tests have been made at variable jet 

pressure (200, 160 and 100 MPa), under a 

load of 50 t. 

Since the effect of stressing is enhanced 

near the pressure threshold of the rock, the 

further three series of tests have all been 

carried out at 100 MPa. It was also decided 

to maintain the advance per cycle constant (2 

mm) and to find the peak cutting rate by 

varying the traverse velocity.  

The purpose of the second series was to 

put into evidence the effect of a static load 

parallel to the cutting plane, as shown in 

Figure 5.  

 
 

Figure 5. Experimental conditions for the 

second series of test 

The slot was made nearer to one of the 

free faces of the sample in order to show the 

effect of load unbalance, producing a 

differential stress at the slot sides.  

The necessary clearance for the traversing 

lance was obtained by opening a 6 cm deep 

slot before imparting the load. The variation 

in cutting rate with depth of slot was then 

determined. 

The third series of tests was carried out 

subjecting the sample to an evenly 

distributed lateral compression (25 and 50 t): 

the effect of stress on cutting performance 

was assessed by measuring the maximum  

slot depth down to which predetermined 

levels of cutting rate could be maintained. 
 

 
 

Figure 6. Experimental conditions for the 

third series of test  

 

 
 

Figure 7. Experimental conditions for the 

fourth series of test 

Loading conditions are shown in Figure 6. 

Finally, the alleged favorable effect of 

tensile stress on cutting rate was investigated 

by applying a flexural load as illustrated in 

Figure 7.  
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Stress distribution in the neighbors of the 

slot bottom was assessed using the three-

dimensional FLAC code. The study was 

carried out on suitable cross sections of the 

cubic samples used for the experiments, at 

variable slot depth.  

Samples have been spatially oriented as 

follows: 

Z-direction = axis of the slot 

Y-direction = depth of the slot 

X-direction = perpendicular to the slot 

plane 

Therefore the jet is always traversed in the 

Z-direction and the cross sections are taken 

parallel to the X-Y plane.  

3.4 Results 

3.4.1 Preliminary investigation 

Results obtained with the first series of tests 

are summarized by the curves of Figure 8 

giving the relative variation in volume 

removal per unit length of slot for the 

different cross sections of the sample. 

 
 

Figure 8. Variation in volume removal along 

the Z-direction 

From the comparison of these curves it 

clearly appears that: 

- volume removal is considerably lower in 

the central part of the sample where 

compression is higher; 

- average slotting velocity at 100 MPa 

resulted to be 0.45 m
2
/h, lower than that 

obtained in the case of unloaded samples 

(0.63 m
2
/h); this performance is approached 

at both extremes of the sample where stress 

is gradually reduced; 

- the variation in volume removal is much 

more evident in the case of 100 MPa 

pumping pressure, as expected. 

3.4.2 Compression parallel to cutting plane 

Under a constant load of 25 t, it was found 

that cutting rate decreased to 0.48 m
2
/h after 

deepening the initial slot by further 10 cm 

and to 0.39 m
2
/h after additional 15 cm, 

compared to 0.63 m
2
/h achieved on the 

unloaded reference sample. 

It was also observed that slot walls were 

very smooth and that the bottom showed an 

unusual section characterized by a marked 

excavation at the corner corresponding to the 

thicker leg between the slot and the lateral 

free face of the sample. 

3.4.3 Compression perpendicular to cutting 
plane 

Results confirm the indication of the first 

series of tests, as shown in Table 3 giving 

the maximum slot depth achievable with 

predetermined levels of cutting rate as a 

function of compressive load.  

 
Table 3. Depth of slot as a function of 
compressive load at different cutting rates. 
 

Load  
[t] 

Cutt. rate.  
[m

2
/h] 

Depth  
[mm] 

  Marg. Abs. 
25 0.45 25 25 

 0.36 10 35 
 0.30 >25 >60 

50 0.45 15 15 
 0.36 10 25 
 0.30 25 60 

 

It is clear that, as the slot is deepened, the 

resisting area is progressively reduced, 

entailing a corresponding increase in 

compressive stress. This explains the 

decrease in cutting rate at depth. 

Moreover, the higher the external load, 

the shallower the slot that can be excavated 

with a given cutting rate, roughly with a 

reverse-proportion trend.  
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The negative influence of compressive 

stress on jet performance appears 

demonstrated. 

3.4.4 Flexural load  

By applying a force of 5 t at the central line 

between two flat 5 cm wide bearings, cutting 

rate increased from 0.63 to 0.69 m
2
/h over 

34 mm depth. On doubling that force, 

cutting rate jumped to 0.84 m
2
/h over further 

30 mm, then the sample split apart. 

The explanation of this outcome is trivial: 

jet performance is greatly enhanced if the 

rock at the bottom of the slot is subjected to 

tensile stress, whereby preexisting and newly 

induced cracks are better propagated, 

producing a faster rock disintegration 

(Erdman – Jesnitzer 1980). 

Cutting rate appears to be very well 

correlated with x as shown in Figure 9 

where the results of all tests are reported. 
 

 
 

Figure 9. Cutting rate versus maximum x 

stress component at the central point of the 

slot bottom 

4 CONCLUSIONS  

At the present state of the art, the most 

promising prospects concerning the 

application of waterjet in granite quarries are 

for: 

- bench opening slot (replacing flamejet) and 

horizontal underhand cut (replacing 

explosive splitting) in the case of surface 

quarrying according to the conventional 

high-bench method; 

- as an alternative, L-shaped horizontal and 

vertical slots,  up to 3.5 m deep, on the side 

face of the bench, (diamond wire can then  

be encompassed along the exposed 

perimeter, with no  need for preliminary 

drilling, for the subsequent slicing 

operation);  

- all face cuts (no substitute technologies are 

at hand) in the case of tunnel excavation;  

- perimetrical slice delimitation in the case 

of  development of large underground 

chambers according to the high bench 

method. 

The association of  waterjet with diamond 

wire offers a very interesting solution for 

mechanized quarrying, since  both  are able 

to work in a completely automated fashion. 

The importance of stressing conditions of 

the rock must be emphasized. 

In fact, rock slotting with waterjet is very 

sensitive to the stress at the slot bottom 

normal to the cut plane.  

The considerable influence of stressing 

state on waterjet performance in rock 

slotting with high velocity waterjet have 

been demonstrated by the results of the 

described experimental research. 

In particular cutting rate increases if the 

rock near the slot bottom is subjected to 

tensile stress whereas it deteriorates in 

presence of compressive stress. 

Therefore in quarrying operations suitable 

cutting sequences should be devised in order 

to generate a stress pattern characterized by 

prevailing traction in the slotting region. 

When crossing a strongly compressed 

rock, jet pressure should be increased for 

winning the tough-to-cut material, whereas 

hydraulic energy is better exploited using a 

lower pressure, higher flow rate jet when 

crossing tensile areas (Summer 1987, Agus 

et al. 1991, Agus et al. 1993). 
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1 INTRODUCTION 
 

Block toppling is a very common failure 
mechanism in rock slopes. It occurs in a 
variety of rock types and conditions. 
Discontinuity patterns that lead to block 
toppling are very general. High or small 
discontinuity persistence and spacing are 
possible configurations in block toppling.  

Toppling failure is due to forces that cause 
block rotation, column flexure or both. 
Blocks or columns are created by the 
intersection of discontinuity sets. Three main 
types of toppling are described by Goodman 
& Bray (1976): flexure toppling, block 
toppling and block-flexure toppling. They 
are showed in Figure 1. 

In flexural toppling the flexure of well-
developed, steeply dipping discontinuities 
occurs. According to Wyllie & Mah (2004), 
flexural toppling occurs in typical geological 

conditions. It may occur, for instance, in 
thinly bedded shale and slate, in which 
orthogonal joints are not well developed. In 
Brazil common occurrences of flexural 
toppling were found in phyllites, where 
foliation joints are the dominant 
discontinuities. 

According to Goodman & Bray (1976), 
conditions for the start of flexural toppling 
involve interlayer slip, which liberates the 
columns to bend in flexure. 

Block toppling occurs in the presence of 
two discontinuity sets; one dipping steeply 
into the face and another with orthogonal 
joints cutting the former set. 

According to Wyllie & Mah (2004), the 
short blocks at the slope toe are pushed 
forward by the loads from the overturning 
blocks behind, allowing further toppling to 
develop higher up the slope. 
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 ABSTRACT Sliding failure mechanisms are well-known by the geotechnical community and 
their use in engineering practice is very common. It is not the situation for failure mechanisms 
involving toppling. Despite the widespread occurrence of block toppling in rock slopes, 
methods currently available to study the phenomenon are not used regularly in engineering 
practice. 

Many analytical approaches have been developed to study block toppling. However, it is 
necessary to make over-simplifications concerning the geometry of the discontinuities and the 
slope which are difficult to achieve in the field. Numerical models to study block toppling are 
also not trivial. An adequate numerical model to represent the failure mechanism should be 
capable of representing the discontinuities. 

In this paper analytical and numerical methods to study block toppling are discussed. 
Advantages and limitations of the various methods are presented. Both continuous and 
discontinuous numerical methods are used. 
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Figure 1: Types of toppling, Goodman & Bray (1976)  
 

A failure basal surface is developed in 
toppling. In flexure toppling this basal 
surface tends to be planar. In block toppling 
this basal surface tends to be a stepped 
surface rising from one cross joint to the 
next. 

In block-flexure toppling, flexure along 
pseudo-continuous columns occurs. These 
columns are divided by many cross joints. 
Instead of flexure along columns the failure 
is due to their toppling because of the 
movements along the cross joints. 

 

2 BLOCK TOPPLING KINEMATICS 

Discontinuity sets involved in toppling 
should be identified as well as their position 
in relation to the slope face. Hemispherical 

projection methods and field observations 
are used to identify block geometry. In 
addition, discontinuity spacing should be 
measured in order to define block height and 
width. 

Kinematic conditions for block toppling 
and sliding are defined in Figure 2, for 
gravitational loading. Block toppling occurs 
when the moment of the sliding force is 
greater than the moment of the normal force 
to the block base, see Figure 2 (a). This 
condition is represented by: 
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Figure 2: Kinematic condition for block toppling: (a) block in an inclined plane; (b) 

conditions for sliding and toppling, Wyllie & Mah (2004). 
 

Block sliding occurs when the base plane 
angle is greater than its friction angle.  

Both sliding and toppling kinematic 
conditions apply to null cohesion 
discontinuities. 

In Figure 2(b) kinematic conditions for 
toppling and sliding of blocks are shown, as 
a function of width to height of blocks and 
the base plane angle. 

3 STABILITY ANALYSIS OF BLOCK 
TOPPLING 

3.1 Limit Equilibrium Methods 

Limit equilibrium methods involves the use 
of analytical solutions. The rock masses or 
rock blocks are rigid bodies and their 
movement occurs along a basal failure 
surface. Equilibrium of forces and moments 
are considered in limit equilibrium analysis 
of block toppling.  

In classical solutions force and moment 
equilibrium equations are solved for each 
block, starting at the uppermost block. The 
block can be stable, toppling or sliding, 
depending on block dimensions, sliding 
strength and external forces. Goodman & 
Bray (1976) were the first authors to propose 

a limit equilibrium solution for block 
toppling. Their model is shown in Figure 3. 
The base of the toppling blocks is a stepped 
surface with an overall dip  There is no 
suggestion to determine the dip of this basal 
surface but it has a great influence on the 
stability of slope. One possible simplification 
is to consider the basal surface planar instead 
of stepped but the problem of this dip angle 
remains undetermined. 

Bobet (1999) proposed another solution 
for limit equilibrium analysis of block 
toppling, where block thickness is small 
comparing to block height. The relation 
between slope height and block thickness 
was called slenderness ratio. The problem 
can be solved considering that the rock mass 
behaves as a continuous medium. The 
method proposed by Bobet (1999) eliminates 
the need of knowing the detailed geometry of 
blocks, as it is the case in the method of 
Goodman & Bray (1976). 

Sagaseta et. al. (2001) extended Bobet 
model to incorporate a basal failure surface 
not necessarily normal to discontinuity set 
prone to toppling. Their model is valid for a 
slenderness ratio greater than 20.   
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Figure 3: Limit equilibrium model for analysis of block toppling on a stepped base, according 
to Goodman & Bray (1976). 
 
 
Liu et. al. (2008) have also presented a 
solution of block toppling for continuous 
rocks mass, based on the proposals of Bobet 
(1999) and Sagaseta et. al. (2009). In another 
paper, Liu et. al. (2009) presented a solution 
for block toppling applied to discontinuous 
rock masses. 

3.2 Numerical Methods 

Numerical analyses are the most flexible 
methods to solve stability problems. They 
allow the solution of equilibrium equations 
and the use of many different constitutive 
relations, considering the material 
deformations. The rock mass can be a 
continuous or discontinuous medium. A 
comprehensive discussion of numerical 
methods and their application in engineering 
practice can be found in Jing & Hudson 
(2002). 

Numerical modeling of block toppling 
requires discontinuity representation in the 
model. Continuous methods which permit 
the explicit representation of the 
discontinuities can be used, as the finite 
element method implemented in the two-
dimensional software Phase2, of Rocscience 

Inc. (2005). These methods can be useful to 
determine the collapse onset or the larger 
displacements that cause rock blocks 
separation. Nevertheless, complex 
mechanisms involving rotation or breakout 
of blocks cannot be modeled by continuous 
approaches. 

Discontinuous methods, as the discrete 
element method, are alternatives to 
continuous approach. The rock mass is 
represented as an assembly of discrete blocks 
which interact through contact forces. Blocks 
can be rigid or deformable. 

The Universal Distinct Element Code 
(UDEC), which is a software based on the 
distinct element method, can be used to 
model block toppling. It is adequate to model 
problems with large displacements or 
deformations. Two dimensional and three 
dimensional versions are available. 

Model behavior in UDEC is numerically 
modeled by an algorithm of the type 
timestep, where timestep size is limited by 
the hypothesis that velocities and 
accelerations are constant in a timestep or a 
cycle. Collapse will generate an unbalanced 
force in the system. The number of cycles 
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and the values could be established by the 
user to monitor the failure process. In Figure 
4, the modeling of a collapse situation in 
block toppling is showed. By monitoring the 

number of cycles, Nichol et. al. (2002) could 
represent the failure process.  

  
 
 

 

 
 
Figure 4: Block displacements in block toppling modeled by UDEC: (a) after 20,000 cycles; 
(b) after 40,000 cycles (Nichol et. al., 2002) 

 

4 CASE STUDIES 

4.1 Toppling of a Single Block 

A simple case of block toppling is illustrated 
in Figure 5. It is a single block in an urban 
slope in Ouro Preto, Brazil. The rock mass is 
a schist. 

The hemispherical projection of the 
discontinuities and the slope face can be seen 
in Figure 6. Two failure mechanisms are 
possible in this figure; sliding through 3m or 
toppling through 1m. Discontinuity 1m is the 
foliation and it dips into the slope face, see 
Figure 5. Discontinuity 2m forms the lateral 
release surfaces of the block. 
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Figure 5: Toppling block in the slope at Vila Aparecida neighborhood. 
 

 

 
 
Figure 6: Discontinuity sets and the slope at Vila Aparecida neighborhood (Dips 5.0). 
 

Basal surface is formed by discontinuity 
3m, whose average spacing is equal to 
0.36m, the block height. Average spacing of 
discontinuity 1m is 0.24m, the block width. 
Friction angle of basal discontinuity is equal 
to 35°. According to Figure 2 the block can 
toppling and sliding. 

4.2 Toppling of a Set of Blocks 

Two approaches were used to study block 
toppling involving many blocks; numerical 
methods and analytical methods. For 
numerical methods continuous and 
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discontinuous approaches were employed. 
Phase2 and UDEC programs were used. 
 The analytical approach used in this work 
was the limit equilibrium method proposed 
by Liu et. al. (2009) for discontinuous rock 
masses. The database is typical of a quartzite 
slope of a roadway from Ouro Preto to Belo 
Horizonte, Brazil.  

4.2.1 Numerical methods 

The following data was used for the models: 
Slope: height of 25.8m and dip face angle of 
80°. 
Rock mass: Young modulus: 200,000MPa, 
Poisson ratio: 0.2 
Unit weight: 0.024MN/m

3
 

Frictionangle: 43.6°, Cohesion: 2.45MPa 
Discontinuity properties: 
Dip of toppling discontinuity: 45°, into the 
slope face; Spacing: 4.8m 
Dip of basal discontinuity: 28°; Spacing: 
1.2m 

Friction angle of discontinuities: 24°, 
Cohesion: 0 
Normal stiffness coefficient: 40MPa/m 
Shear stiffness coefficient: 0,4MPa/m 

a) In situ stress: 
Gravitational field stress with horizontal 
stresses calculated as a poisson ratio 
function. 

 
Results from Phase2 showed collapse due 

to discontinuity movements. Basal failure 
surface can be deduced from model 
displacements, as indicated in Figure 7. 
Beyond the basal failure surface, 
displacements are close to zero. Basal 
surface dip angle is 47° and its height is 
25.563m. The direction of displacement 
vectors in the model shows a tendency to 
sliding failure. 

In Figure 8 the deformed contours of 
discontinuities shows a tendency to block 
toppling. Both failure modes are possible but 
observations in the field showed block 
toppling is the dominant mechanism. 

 

 
 
Figure 7: Total displacement and displacement vectors (Phase2, v.8.0). 
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Figure 8: Deformed contours of discontinuities (Phase2, v.8.0). 
 
 
In UDEC the model presented serious 

problems. The execution was not successful 
due to small dimensions of blocks. It was 
decided to execute the model with larger 
discontinuity spacing. A multiplier factor of 
100 was applied to discontinuity spacing. 
Despite the fact the discontinuity spacing is 
completely out of range, the same 
proportions were kept considering block 
sizes in the model. Different values of 
displacements are expected but the direction 

of the displacement vectors tends to be the 
same of the original model.     

Results from UDEC are shown in Figure 
9. Displacement vectors indicate a tendency 
to sliding failure mode. The model has not 
converged; which means its collapse, the 
same result found in Phase2. 

The results are very similar to those found 
in Phase2 in terms of total displacement and 
displacement vectors. The basal failure 
surface is noticeable in the model, as it was 
in Phase2. 

 
 

 
 
Figure 9: Total displacements and displacement vectors (UDEC, v.5.0) 
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4.2.2 Analytical methods 

The analytical method proposed by Liu et. al. 
(2009) was applied. The same geometrical 
conditions of the computational models were 
assumed. The position of the basal failure 
surface found in computational models was 
assumed for the limit equilibrium model. It 
was considered a good indication of the 
position of this surface as it is quite arbitrary 
in limit equilibrium methods. 

The following data was used in the model: 
Model height: H = 25.563m 
Block thickness: t = 1.2m 
Unit weight: 

3
  

 

Angle of the normal line to toppling 
discontinuity and the x axis:   
Dip angle of basal discontinuity: b  
Dip slope angle: s  
Angle of the natural ground and the x axis: 

g = 0 
Dip angle of basal failure surface:  
Friction angle of discontinuities: 4  

 
The geometry of the limit equilibrium 

model is shown in Figure 10. 
The transition for toppling to sliding 

failure in the model of Liu et. al. (2009) 
occurs when the following equation is 
verified: 

 

  

 
where: 

 is the weight of block i 

 

 

 

 

 is the slenderness ratio 
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Figure 10: Limit equilibrium model for block toppling (Liu et. al., 2008). 

 

 
The results of the analytical model are 
showed in Table 1. The number of the crest 
block is 10. Stable blocks are not considered 
in this model. Therefore, toppling starts with 
block number 1. 

Slenderness ratio is equal to 11.79. Liu et. 
al. recommend the use of discontinuous 
model for slenderness ratios smaller than 15. 

All blocks in the model belong to toppling 
set, according to equation (2). Blocks whose 
number is equal or greater than 20 must be 
disregarded as the values of fi are less than 
zero. As a result there are 19 toppling blocks 
in the system. 

The support force to keep the system 
stable can be calculated, based on the 
equilibrium equations. If this force is greater 
than zero, the system is unstable. For a null 
support force the system is in the point of 
equilibrium limit and for negative support 
forces the system is stable. 

The support force in the model is 
approximately 39KN. This force means the 
entire system is unstable. The collapse of the 
system also happened in all computational 
models. 
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Table 1: Results of the analytical model (adapted from Liu et. al., 2009) 

 

 

5 CONCLUSIONS 

Although block toppling is a common failure 
mode in rock slopes, the available methods 
for its stability analysis need to be improved. 
They have not yet incorporated to 
engineering practice because of over 
simplifications and the need to assume 
arbitrary hypotheses. 

One of the arbitrary assumptions concerns 
to the position of basal failure surface in 
limit equilibrium analysis. In this paper a 
suggestion to determine this surface is 
presented, based on the results of 
computational models. It seems to be an 
interesting suggestion. On the other hand 
analytical results become dependent on the 
availability of numerical methods. 

The models used in this paper lead to 
similar results in terms of collapse of the 
entire system. Although computational and 
analytical methods are quite different in their 

assumptions, they seem to confirm the 
analysis. The authors recommend the use of 
other models of block toppling to judge the 
apparent similarity of the methods. 

The improvement of analytical methods 
would be a good contribution to the study of 
block toppling in engineering practice. 
Computational methods present difficulties 
which must be overcome, especially the 
limitations related to block sizes. 
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ABSTRACT The environmental monitoring and geotechnical control plan is a tool for 
ensuring compliance with the requirements and corrective and protective measures that were 
established in the proposed operation of the mine. 

The environmental monitoring program has control functions. It is a data source, mainly 
empirical, because it can assess how correct are the predictions made in the Environmental 
Impact Assessment (EIA). From this information, it is also possible to detect unforeseen 
changes in the Environmental Impact Study, which should be properly corrected by corrective 
measures. Thus, the environmental monitoring program is a source for feedback on the results 
of the EIA. 

The geotechnical monitoring program allows the operators to measure surface and depth of 
deformation of slopes and their evolution. 

Therefore, the most important aspect of a monitoring plan is the interpretation of the 
collected information in order to determine the need of modifying the initial objectives that 
were established in the project. 
 
 
 

1. INTRODUCTION 
The Monitoring Plan is to update and revise 
all elements that provide information about 
the stability of the areas affected by mining 
structures (like mines, dumps, etc.), (Fig. 1) 
and to check the efficiency of mining 
operations in the short and long term, 
through the foreknowledge of the stability 
conditions, the continuous updating of the 
design and, where appropriate, the 
implementation of preventive and corrective 
measures. 
 

 
 
 
 
 

Figure 1: Landslide in collapse produced in 
mine 

1.1. Objectives 
 
The objectives of the Monitoring Plan are: 
- To carry out a Geotechnical control, 

which includes both field work and 
laboratory testing. 



490

F.J.G. Marquez, E.M.R. Macias

2 

 
- To Review the instrumentation and 

auscultation (stress and strain control) 
working  at the present moment. 

 
- To developed an integrated data 

management: Data Storage of 
auscultation in software for quick 
viewing. 

 
- To Update the Emergency Plan design 

based on acquired experience. 
 
1.2.  Parameters to Control 
     The proposed plan allows continuous 
monitoring of the following operations: 
- Geological mapping, lithology, structure 

and geotechnical excavation progress. 

- Measurement of the properties of 
materials in situ, if necessary. 

- Measurement of surface and deep of 
deformation of slopes and their evolution. 
 

- Evaluation of surface weathering and 
collapse, either through specific tests or 
by visual monitoring of their evolution 
over time. 

 
- Monitoring of the development of pore 

pressures and total pressures. 
 
1.3. Reading Systems 

Monitoring of constructive activities is 
performed by combining various methods 
integrated into a comprehensive system of 
data collection, analysis and corrective 
decision. Generally, are used simple methods 
of observation and manual measurement and 
automatic reading systems, combined with a 
process of data analysis and decision making 
in real time. 
  
 
 
The monitoring system implemented 
ultimately depends most on the initial 
monitoring results. 
 

2. OBTAINING   DATA IN  A MINE  

Records of the slopes of the banks will be 
done, in order to collect the following 
information: 
 
- Geometry and progress of the 

excavation: geometric control of the 
excavation will alert on possible 
deviations of the project design, both 
caused by the needs of the excavation 
itself or  due to local instabilities.  

- Geotechnical control of a bank slope: in 
order to take proper control over 
auscultation and recognize the progress of 
the open-cut mining, geological record 
will be made of the new excavated fronts, 
including the observed incidents. 

- Evaluation of the observed instabilities: 
type definition of detected instabilities 
and, in case of observed failures, it will be 
given a rough estimate of the volume 
moved. 

- Photo-interpretation of bank slope: It 
will be made from digital photographs of 
slope. It will allow identify areas with 
different geo-mechanical behavior. On 
the slopes excavated in rock will be 
proceed the execution of geo-mechanical 
stations, geo-technically classifying the 
ground through RMR of Bieniawski and 
conducting a survey of the 
discontinuities, obtaining the necessary 
data for its characterization following the 
methodology of Barton-Bandis. 

- Mapping or survey of the bank slope: 
with all available data from the ground 
reconnaissance and photographic study 
will be made an analysis of the 
excavation front which will reflect at 
least, the following geotechnical data: 
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 Lithology and structure of affected 
formations. 

 Tectonic features detected or suspected. 
 Levels of alteration of the rock surface. 
 Structural discontinuities. They include 

the features of each familyes, like dip 
slope and dip slope direction, spacing, 
continuity, openness, roughness, 
presence of water and filler (type and 
thickness). In addition, each of the 
families will be represented by 
stereographic projection. 

    Areas of soil with a symbol that 
indicates the type and thickness.  
 

Also be carried out the following activities: 
 

- Inventory of water points: all the water 
points that appear will be catalogued with 
the open-cut mining.  
- Control of fissures and cracks: a file is 
made of all those cracks and crevices 
(Fig. 2) that may arise during the course 
of the operation, both within the interior 
of the open-cut mining and in the 
perimeter of influence (at least 100 m 
width from coronation). 
 
 

3. AUSCULTATION  

The following sections describe the plan of a 
mining auscultation. 
 
3.1.  Monitor parameters 
During the excavation of the mine is 
necessary to perform the following 
parameters: 
 

- Environmental parameters.  
- Deformations by mean of topographic 

control, inclinometers and extensometers. 
- Changes in pore pressure using  

piezometers. 
- Variations in the total pressure 

determined by a pressure cells. 
 

 
Figure 2: Cracks of decompression in header 

of slope mining 
 
 

3.1.1. Environmental monitoring 
It includes analysis of the evolution of 
atmospheric factors such, as temperature, 
humidity, atmospheric pressure, solar 
radiation and rainfall. 
    As for the tailings leachates, it is necessary 
including control the following parameters: 
flow, pH, conductivity and dissolved solids.  
    This control will be carried out to verify 
the existence of leachate through the berm 
barrier. 
 
3.1.2. Topographic control 
3.1.2.1. Topographic milestones 
To know the movements generated in aun 
open-cut mine, as a result of the excavation, 
and in the dumps, as a result of pouring, are 
placed on the ground surface topographic 
milestones so that it is always possible to 
measure and ensure as far as possible it is not 
affected by the development of the 
excavation or pouring. 
 
3.1.2.2. Topographic prisms 
In order to obtain real-time moving all 
topographic prisms installed in an open-cut 
mine, will be monitored by means a total 
station. 
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Except in cases when the device has to be 
replaced for maintenance, or in moments 
when there are variations in the coordinates 
of the guidance bases and, therefore, 
variation in the coordinates of the measured 
points, the displacement calculation of the 
prisms of the edges of the ramp slope and of 
the open-cut mine access will be made with a 
period of 15 days regression,  taking the 
mean value of each point for each day. 
 
 
3.1.2.3. Inclinometers 
The biaxial inclinometers are instruments for 
determining angular displacements of a 
drilling, by using a torpedo which is slid 
inside a special casing (inclinometer's pipe). 
 

 

 

3.1.2.4. Extensometer 
The extensometer probe consists of a steel 
pipe and is equipped with an inductive type 
transducer at each of its ends and of a 
centering device. 
     However, is considered of great 
importance to maintain the extensometers 
projected for the control of the future areas 
of interaction between different mining 
works. 
 
3.1.3. Piezometers and total pressure cells 
    To control the interstitial and total 
pressure are used piezometers in the mine 
(Fig. 3), and piezometers and total pressure 
cells in the dumps.  
    In the installation of the pressure cells, 
particular attention must be paid to obtain the 
greatest possible horizontal, in order to 
detect the maximum land pressure on the cell 
and no smaller (variable depending on the 
inclination of the sensor of the maximum 
vertical pressure). 

 
 

 

 

 
Figure 3: Drainage control by piezometers 
 
3.2. Data collection 
3.2.1. Verification of the correct operation 

of the sensors and the frequency  
All devices of auscultation must be installed 
with sufficient time, to enable the initial 
reading which will be used as a reference to 
the successive. 
    Auscultation elements which, for whatever 
reason, are eliminated must be replaced as 
soon as possible, in the case that there is no 
close range instrumentation that can provide 
the same information. 
 
 As for the frequency of reads and based on 
the gained experience, it follows: 
- To establish a reliable zero reading of the 

new sensors installed, will be done two 
readings in the first week. 

- The frequency of readings will be weekly, 
during the first quarter, although this may 
be reduced if the newly installed sensors 
are not in active work areas and / or 
should be given the priority to measure to 
other sensors in justified cases, except in 
monthly sensors. 

- After the first quarter, the frequency of 
readings will be fortnightly for the next 
six months, after which the frequency will 
be monthly. As in the previous case, the 
frequency may be reduced if the newly 
installed sensors are not in active work 
areas and/or should be given the priority 
to measure to other sensors in justified 
cases, except in monthly sensors. 

- The sensor installed as replacement of an 
existing and located approximately in the 
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same position as his predecessor won’t be 
considered as new one. Thus, the 
frequency of current in the sensor 
readings will remain inoperative sensor 
replacement in its place, although it will 
be necessary to establish a reliable zero 
reading by two readings within one week 
from the sensor installation. Those 
sensors that were already in the monthly 
reading schedule for the next step in 
sensor replacement, after the two zero 
readings taken in the first week will be 
made within a period not exceeding two 
weeks from installation. 
 

The frequency of the established readings 
will be fulfilled as long as the operating 
conditions, safety and/or weather allow it, in 
a way that is considered acceptable omission 
of a reading within each level-up, except 
monthly sensors. 
However, this reading should be performed 
once when normal functions, safety or 
weather is recovered. 
 

 

3.2.2. Data representation 
As already mentioned, each control point 
will be an initial reading that serves as a 
reference for all the other readings. Each 
team will be calibrated to ensure proper 
operation. 
    In the tab of each sensor calibration, 
appear conversion factors needed to convert 
the units in which the readings are made in 
the units of measurement for each case. 
 
 
3.2.2.1. Environmental parameters 
Data about atmospheric factors: temperature 
(°C), humidity (% RH), atmospheric pressure 
(mb), solar radiation (W/m2) and rain (l/m2) 
may be taken weekly and/or monthly. Its 

results are reflected in tables containing the 
maximum, minimum and mean and/or 
graphs showing their evolution over time. 
 
3.2.2.2. Topographic control 
3.2.2.2.1. Topographic milestones 
 
Given the limited accuracy of topographic 
landmarks to the correct interpretation of the 
speeds provided by these, check that the 
tendency of displacement is consistent with 
the kinematics of the movement. In turn, the 
interpretation of the velocity values will 
biweekly or monthly basis and always be 
contrasted with the velocity values given by 
the inclinometers which are in the same area. 
     
From every auscultation point are presented 
graphs showing the direction of displacement 
and the average speed of the last recorded 
readings. 
 

 

3.2.2.2.2. Topographic prisms 
In each one of the points is performed the 
initial reading as the baseline for successive 
readings. 
    In each of the graphs shown in the 
ordinate, the displacement value of each of 
the points expressed in meters, and in the 
abscissa, the time expressed in days. 

For each month graphs are obtained for 
the monitoring carried out during that period, 
so that the reflected displacements are not 
accumulated from the previous month, but 
reflect only the displacements produced 
during that time interval. 
    Furthermore, Figure 4 shows the 
displacement vector of each of the prisms. 
This will check the displacement points 
whose trend is consistent with the kinematics 
of the movement and the magnitude of its 
displacement in meters. 
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Figure 4: Resultant displacement vector

3.2.2.2.3. Inclinometers 

The data can be represented by the type of 

graph shown in Figure 5. 
    The graph of cumulative displacements, 
because the horizontal scale is exaggerated 
relative to the vertical, it is very easy to 
detect the displacements that occur in the 
cutting or breakage plans. 
However, if the cutting plane does not exist 
and the graph shows an overall inclination or 
distributed tension, then the interpretation is 
more complicated. In some cases, the 
accumulated systematic error may be 
responsible for the inclinations recorded on 
the graph. 
 
 
 
 
 
 
 

  
 To avoid the systematic error, are performed 
graphics of relative displacements, wherein 
each displacement register is subtracted from 
the previous one, so that each peak that 
appears in the graph represents a significant 
movement. 

    The graphs of displacement can be 
disordered and difficult to analyze when 
including a data set too large. Therefore it is 
better to include in each graphic small size 
data set. 
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Figure 5: Graphic of cumulative and relative displacement

 Figure 6:Time evolution record of the horizontal movements. 
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3.2.2.2.4. Extensometers 
The measurement results are represented on 
a graph that reflects the vertical movements 
(settlements or swelling) occurring in areas 
under control. 
    Occasionally, the graphs present anomaly 
displacement in certain bases, in case that 
these anomalies are stabilized returning to its 
initial position. The following readings are 
considered that this phenomenon 
corresponds to a systematic error, usually 
caused by the operator.  
    In Figure 6 shows an example of graphs 
of the evolution of the horizontal movements 
in function of time and depth. 
    If the supposed movement detected in 
some of the bases does not stabilize, the 
frequency of the measures in the depths 
corresponding to these bases will be 
increased. Furthermore, the behavior of the 
bases adjacent will be observed to verify that 
they also present a similar trend. Thus, 
corroborate that a true vertical movement in 
the auscultation zone is being detected. 
 

3.2.2.2.5. Piezometers and total pressure 
cells 

As mentioned above, for controlling the pore 
pressures or interstitial and total pressures in 
the open-cut mining currently are used 
piezometers. In the dumps are used 
piezometers and total pressure cells. The 
measurement results are shown in graphs that 
display the evolution of pressure versus time. 

4. PREDICTIVE MODEL AND 
EMERGENCY   LEVELS 

 The predictive model is based on the 
models, so that the criterion for assigning 
values to the various emergency levels has 
been based on the various analysis of 
sensitivity of model calculations. 
 Because of the many uncertainties and 
local variations of geo-mechanical model 
parameters should be considered convenient 
to increase at about 10% of deformations 
values obtained in the calculation model to 
establish normal deformations values, which 
will position us on the side of safety. 

 
4.1. Emergency Levels 
Once made manifest the existence of 
predictive models of the behavior of the 
mine slopes should be given particular 
attention to forecast what will be the 
deformations, their speeds and the evolution 
of pore pressure within the natural terrain of 
these slopes. 
 Since the parameters of pore pressure and 
deformation are easier to monitor, reliably 
with the instrumentation on the market and 
in order to evaluate the behavior of the 
slopes in the open-cut mining, it is proposed 
monitoring and control of: 

 Deformations. It has been considered 
more reliable the speed of deformation 
than the deformation itself, since the 
prediction is simpler and provides more 
information about the state of stability of 
the slope and of the proximity of the 
fracture. 

 Pore pressure. In connection with the 
pumping of water and with consequent 
dissipation and the ground 
decompression generated after 
excavation. 
  

According to the impact of excessive 
deformation speed and / or an increase in 
pore pressure involving the stability of the 
slopes of the open-cut mining, these 
increases have been tabulated in three 
segments. First one involves no stability 
problems. Second one compromises the 
long-term stability of the mine and a final 
compromises the stability of the slopes. 
 
Therefore, for dynamic monitoring of the 
evolution of the mine slopes are proposed 
(based on the gained experience) the three 
emergency levels, defined below: 
 

 Attention level: the speed range of the 
deformation is greater than 1 mm / day 
and pore pressure deviations occur 
between 10 to 15% over the forecast. 

 
 Alert level: the speed range of 

deformations is greater than 3 mm / day 
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and deviations occur between 15 to 25% 
for the estimated pore pressure. 

 Alarm level: the speed range of the 
deformation is greater than 1 cm / day 
and 25% deviations occur for the 
estimated pore pressure in the predictive 
model. In case of activating this alarm 
level immediate action of stabilization 
are required. 
 

 Each emergency level entail, for their 
involvement and significance of the structure 
stability, activities and different measures, 
which constitute the technical measures 
protocol. 

5. TECHNICAL ACTION PROTOCOLS 

OF EMERGENCY LEVELS 

 Below are present the technical action 
protocols to take for any of emergency levels 
defined for mining. 
 The implementing procedures in 
correspondence with the established 
emergency levels are different because, as 
noted, its meaning and involvement in 
stability is quite different and can be said 
broadly that, in the first case, there are no 
stability problems, in the second case, 
stability may be compromised in the long 
term and, finally, in the third case, the 
stability can be compromised in the short 
term. 
 Thus, the action protocols are defined in 
line and proportion to the potential problems 
that may be generated in the mine. 
 Specifically action protocols proposed for 
the three emergency levels are defined as: 
 

 Level 1 (attention) 

 Increasing the frequency of the readings, 
one step backward in the timing of 
measurement instrumentation in the area 
where there has been an increase in the 
rate of deformation or pore pressure. 
(That is if the measuring monthly will be 
changed to fortnightly and so on). 

 Visual inspection of the area details 
where attention has been generated in 
order to detect cracks, movement signals, 
etc. 

 Check with the Department of Mines 
what were the activities developed in the 
influence area of the zone where the 
attention has been detected. 
 

 Level 2 (alert) 

 Increased frequency of readings, 
according to the criteria specified in the 
standard of attention level, with a 
maximum frequency of two measures per 
week. 

 Visual inspection according to the same 
criteria described above. 

 Check with the Department of Mines 
what were the activities developed in the 
influence area of the zone where the 
attention has been detected. 

 Evaluation of the situation from the 
magnitude of pore pressure and the speed 
of evolution of the deformation according 
to the predictive model. 

 Reviewing calculation processes. 
 

 Level 3 (alarm) 

 Analysis of the situation, based on the 
five actions described for the alert level. 
In this case the frequency of the measures 
and visual inspection will be daily. 

 Placing additional instrumentation if 
necessary. 

 Feedback of calculation models used for 
evaluating the stability of the structure 
and deformation prediction model and 
pore pressures. 

 Stoppage, if applicable, of the activity in 
the area where the alarm has been 
detected. 

 Introduction of corrective action or 
reinforcement if necessary. 

 The transition from one to another lower 
emergency level must be justified in each 
case based on measurements made in the 
action protocol for each emergency level. 
 In the three defined emergency levels all 
obtained data is stored on computer so it will 
be instantly accessible and actionable. 
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 Statistical studies on the collected data 
sets will allow refining the predictions about 
the behavior of subsequent control units. 
 It is necessary to have a system that 
ensures easy and fast transmission of all data 
so this can be done without delay. For this 
will be taken (as optimal solution) 
transmission to the computer all the 
information supplied by the inclinometers, 
topographic landmarks and piezometers, 
which in the case of the information 
provided by the prisms leveling is 
immediate. 
 
6.  VERIFICATION OF RESULTS AND 
CORRECTIVE ACTIONS OF 
REINFORCEMENT 
 
This section provides an assessment of the 
most appropriate corrective measures to be 
implemented after verification of the results 
for the open-cut mining and dumps. 
 It will be established a procedure to ensure 
that all information is absolutely organized in 
a database. 
 This information will be compared with 
the values in the predictive model according 
to the construction phase in which it is. 
Discrepancies that can be detected will be 
identified, discussed and considered, after 
which action will be taken as deemed 
appropriate and will be transmitted to the 
centers of decision makers.  
    It is essential for the safety of the work 
that the chain of transmission is rigorously 
established. 
 The generated information will be 
managed by computer equipment capacity 
and adequate processing speed. Programs 
and routines will be provided (from 
conceptual models of each type of control 
unit) which allow establishing reference 
values of the measured variables for each 
alert level. 
 In order to assess which are the most 
appropriate remedial actions necessary to 
implement, define whether the detected 
instability affects one or more banks. In the 
first case the adoption of corrective measures 
is not necessary, since they are in charge of 
berms which correct these local instabilities. 

On the contrary, if the generated instability 
affects more than one bank, it is necessary to 
evaluate what is the optimal measure to 
adopt. 
 The actions to be taken in the case of 
generated instability that affects several 
banks of open-cut mining will be: 
 

 Measures based on the modification of 
the geometry of the slope; in order to 
correct the overturning moment of the 
resultant of weights. Specifically, it can 
act on the height and angle of bank, and 
on the width of the berm. 

 
 Measures based on the reduction of 

pore pressures; this action will take 
place in case that it is expected that the 
instability is causing increased pore 
pressures. It could run pumping wells for 
drainage of the ground water and reduce 
the pore pressure, provided they are 
environmentally authorized. 

 
 Measures based on the increased 

resistance of the ground; this step will 
be implemented in the case that earlier 
performances are not effective. You 
could resort to using mesh 
reinforcements, bolts and cable anchors. 
Can also act by building resistant 
elements, such gabion walls, breakwater 
(with or without concrete, etc.). At the 
foot movement. These measures in open-
cut mining cannot be viewed as 
widespread but as specific measures in 
specific areas. 
 

Any previous reinforcement measures should 
be supported, as was included in the previous 
section, by a model calculation that includes 
a retrospective analysis and quantifying at a 
later stage the goodness and effectiveness of 
the proposed measures. 
  
If necessary, design and implement a 
campaign to survey and take samples of the 
breaking surface that later will be sent to a 
laboratory to check the strength of the 
ground after the breaking. 
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Once those properties are obtained, by 
applying a safety factor SF = 1, mentioned 
retrospective analysis can be made by 
equilibrium methods set limit and the new 
geometry of the slopes to ensure stability. 
 

7.   REGULAR ISSUE REPORTS 
 
From the information obtained, it may emit 
three different report types: 
 

 Fortnightly report: immediate action 
will be taken to validate the continuity of 
the excavation, as long as there have been 
geotechnical problems during the 
excavation of the mine, otherwise it will 
be deleted. Consist mainly in the 
graphical representation of the latest 
available data from the instrumentation. 

 Monthly report: will include graphical 
analysis comparing the results with the 
expected values justifying its 
admissibility or non-admissibility. Also, 
based on the collected data, it will be 
created a bank of geological and 
geotechnical data. 

 Urgent action report: should be sent no 
later than 24 hours when something 
unexpected happen. 
 
8. CONCLUSIONS 

The environmental monitoring program and 
geotechnical control besides having control 
functions using the different tools mentioned 
in this article, is an important source of data, 
mainly empirical, because it can assess how 
far the predictions made in the EIA (EIA) are 
correct. From this information, it is also 
possible to detect unforeseen changes in the 
Environmental Impact Study, which should 
be properly corrected by corrective 
measures. It is considered necessary to carry 
out mining operations in order to monitor the 
parameters that affect safety and the 
environment. 
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ABSTRACT  In this study, squeezing potential of the Sabzkuh Tunnel was evaluated. The 
squeezing is common phenomenon in the weak rock masses under high in-situ stress. This 
phenomenon may slow down TBM operation and increased the pressure on the lining or even 
damage it. Several parameters such as geological condition, in-situ stress, pore pressure and 
rock properties affect the behavior of rock mass. Several methods have been proposed for 
prediction of squeezing potential. In this study, the empirical and semi-empirical approaches 
were used to determine squeezing potential of the Sabzkuh Tunnel. According to the 
geological condition, the tunnel is divided to 10 different zones. Squeezing potential was 
evaluated for each zone and the results show that, the squeezing could happen in the most of 
the zones. To determine the time dependent behavior of rock, the triaxial creep test performed 
on the specimens from each zone in the tunnel rout which their results used as input 
parameters for the numerical modeling of the long-term behavior of rocks. 
 
Keyword: squeezing, Sabzkuh Tunnel, triaxial creep test, numerical method,  
 
1 INTRODUCTION 

The squeezing of tunnels are a common 
phenomenon in poor rock masses under high 
in situ stress conditions(Singh et al. 2007).It 
is observed in weak rocks such as Schist, 
phylitte, mudstone, siltstone, flyschs, Tuff, 
Shale and etc(Shrestha & Broch, 
2008)(Aydan et al. 1996)(Hoek , 2001). The 
occurrence of this phenomenon is depended 
on the geological and geotechnical 
conditions, the in-situ state of stress relative 
to rock mass strength, the ground water flow 
and pore pressure, and the rock mass 
properties. Squeezing is closely related to the 
excavation and support techniques which are 
adopted. If the support installation is 
delayed, the rock mass move into the tunnel 
and stress redistribution takes place around 
it. On the contrary, if deformation is 
restrained, squeezing will lead to long-term 
load build-up over rock support (Barla, 
2001). 

The term squeezing has been often 
vaguely-defined in the literature. In general, 
definitions of squeezing include the ideas of 

(i) time-dependent behavior; (ii) failure of 
the rock mass due to overstressing around 
the excavation; and (iii) large convergences 
and/or large loads on the support (Jimenez & 
Recio, 2011). Conceptually, the term 
squeezing is different from swelling. The 
swelling is volume increase of the ground 
due to water absorption or to other physical–
chemical processes (Terzaghi, 1946), while 
definitions of squeezing published by the 
International Society for Rock Mechanics 
(ISRM) is the time dependent large 
deformation of a rock mass, which occurs 
around a tunnel, and is essentially associated 
with creep caused by exceeding a limiting 
shear stress. Deformations may terminate 
during construction or continue over a long 
time period (Barla, 1995). 

Such large deformation causes some 
problems during and/or after construction 
such as: reductions in the cross-sectional area 
of an opening, slow down or obstruct TBM 
operation, increased the pressure on the 
lining or even damage it and finally resulting 
in great difficulties for completing 
underground works, with major delays in 
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construction schedules and cost overruns. 
Hence, prediction of squeezing conditions is 
of great importance to a designer for 
designing a stable support system of the 
tunnel (Singh et al., 2007).  

2 SQUEEZING ASSESSMENT 

Many authors have proposed a number of 
approaches for the assessment and support 
design for the squeezing ground in 
subsurface constructions. These approaches 
can be grouped in the following categories: 
1. Empirical &Semi-Empirical  
2. Analytical  
3. Numerical modelling  

2.1 Empirical & Semi-Empirical 
Approaches 

The Empirical approaches are essentially 

based on classification schemes. A well-

known empirical correlation to anticipate 

squeezing conditions based on the Q-value of 

the rock mass and overburden (H) was 

presented by Singh et al.(1992)(Table 1). In 

addition, similar empirical correlation was 

submitted by Goel et al.(1995) by 

considering the tunnel depth (H), the tunnel 

span or diameter (B), and the rock mass 

number (N) (Table 1).Recently, a novel 

empirical method for prediction of squeezing 

conditions in rock tunnels was proposed by 

Jimenez et al.( 2011) which is based on the 

application of the theory of linear classifiers 

to an extensive database of well-documented 

squeezing case histories from tunnels in the 

Himalayas. This method allows proposing 

new class-separation lines to estimate the 

occurrence of squeezing conditions 

(squeezing vs. no-squeezing).The equations 

of 50% squeezing probability line is 

presented in table 1which could say that is 

the modified of Singh’s et al (1992) 

correlation. 
 Semi-empirical approaches offer 

indicators for predicting squeezing, and also 
providing some tools for the estimation of 
the expected deformation around the tunnel 
and/or the support pressure by using closed 

form analytical solutions for a circular tunnel 
in a hydrostatic stress field. The common 
starting point of all these methods for 
quantifying the squeezing potential of rock is 
the use of the “competency factor”, which is 
defined as the ratio of uniaxial compressive 
strength of rock/rock mass to overburden 
stress (Barla, 2001). For instance, Jethwa et 
al. (1984) predicted tunnel squeezing based 
on the ratio between rock mass uniaxial 
strength ( cm) and in situ stress (p0 = H) 
which includes four degrees for classes of 
squeezing intensity (table1). 

Other researchers have also proposed 
estimates of degrees of squeezing intensity 
based on estimation of tunnel deformations. 
Aydan et al. (1993) based on the experience 
with tunnels in Japan, proposed to relate the 
strength of the intact rock ( ci) to the 
overburden pressure ( H). Squeezing 
conditions will occur if the ratio ( ci/ H) is 
less than 2.0.also, based on the analogy 
between the stress-strain response of rock in 
laboratory testing and tangential stress-strain 
response around tunnels, they proposed five 
different degree of squeezing based on the 
ratio between the peak tangential strain at the 
tunnel boundary and the elastic strain limit 
for the rock mass (table 1).  

Hoek (1999) showed that the ratio of the 
uniaxial compressive strength of the rock 
mass ( cm) to the in situ stress (p0) can be 
used as an indicator of potential tunnel 
squeezing problems. Also, Hoek et al. (2000) 
presented a curve to be used as a primary 
indicator of tunnel squeezing problems. In 
this curve, proposed five levels of squeezing 
based on tunnel strain which was plotted 
against the ratio cm/p0. Table 1. 

Singh et al. (2007) used the critical strain 
to quantify the degree of squeezing potential.  
In the literature, the value of critical strain is 
generally taken as 1% but they showed that 
the critical strain is an anisotropic property 
that depends on the properties of the intact 
rock and the joints in the rock mass, and 
suggested a correlation for estimation of 
critical strain. Finally, they proposed the 
Squeezing Index (SI) (defined as expected 
strain divided by critical strain) to predict 
levels of squeezing potential in tunnels.
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Table1. Empirical and Semi-Empirical methods for squeezing assessment in the tunnels 

methods Parameters relation Considerations 

E
m

p
ir

ic
a
l 

m
et

h
o

d
s 

Singh et al.    

(1992) 

Q: rock mass quality 

H: overburden 
 Squeezing:  

Non squeezing:  

Goel et al. 

(1995) 

N: rock mass number 

B: tunnel span

H: overburden  

Squeezing:  

Non squeezing:  

Jimenez et al. 

(2011) 

Q: rock mass quality 

H: overburden 

 

 
Squeezing:  

No squeezing:  

S
em

i-
em

p
ir

ic
a
l 

m
et

h
o

d
s 

Jethwa et al. 

(1984  

: rock mass uniaxial 

compressive strength 

: in situ stress 

: rock mass unit weight 

H: tunnel depth below 

surface. 

 

highly squeezing:  

moderately squeezing:  

mildly squeezing:  

non squeezing:  

Aydan et al. 

(1993) 

: uniaxial compressive 

strength of intact rock 

: tangential strain of 

circular tunnel 

: elastic strain limit of 

rock mass 

: elastic strain limit of 

intact rock 

:strain values 

 

 

Non-squeezing:  

Light-squeezing:  

Fair-squeezing:  

Heavy-squeezing:  

Very heavy squeezing:  

Hoek and 

Marinos (2000)  

: tunnel strain 

:Internal support 

pressure 

: In situ stress 

: Rock mass strength 

:Hoek-Brown constant 

GSI: Geological Strength 

Index 

 

 

few support problems:  

minor squeezing:  

severe squeezing:  

very severe squeezing:  

extreme squeezing:  

Singh et al. 

(2007) 

Q: rock mass quality 

: density of rock mass 

: UCS of intact rock 

: elastic  modulus of 

the intact rock, 

: Critical strain 

SI: Squeezing Index 

 No squeezing: SI<1.0 

Light squeezing:  

Fair squeezing:  

Heavy squeezing:  

Very heavy squeezing:  
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However, due to simplicity and ease of 
use, the Empirical and Semi-Empirical 
approaches still play a crucial role for 
squeezing prediction (Jimenez & Recio, 
2011) and very useful method in preliminary 
studies, but in these methods, the results are 
qualitative and no time variable is taken into 
account therefore in complex condition, it’s 
preferred to use other method such as 
analytical and/or numerical modelling 
approaches. 

2.2 Analytical Approaches 

Methods for analysis of tunnels in squeezing 
rock conditions need to consider (Barla, 
2001): 

 the onset of yielding within the rock 
mass, as determined by the shear 
strength parameters relative to the 
induced stress 

 the time dependent behaviour. 
In the most of analytical solutions the 

tunnel is assumed to be circular and the rock 
mass elasto-plastic and isotropic, subjected 
to a hydrostatic in situ state of stress. But 
these models do not consider the time-
dependency of the squeezing phenomena. 

Nevertheless, some analytical solutions 
were proposed to consider the time-
dependency of deformations in squeezing 
ground. For instance, Fritz (1984) presented 
a solution for axisymmetric tunnels in elasto-
viscoplastic media. Recently, Fahimifar et al. 
(2010)proposed an analytical solution for 
predicting time-dependent deformation of 
tunnel wall by using the Burger’s body 
which is able to model the primary and 
secondary creep regions of the rock mass. 
Also, Nomikos et al.(2011) presented an 
exact closed form solution for the 
mechanical behaviour of a linear viscoelastic 
Burgers rock around an axisymmetric tunnel, 
supported by a linear elastic ring. 

2.3  Numerical Modelling Approaches 

Numerical methods which used for 
modelling of squeezing condition must 
represent the time-dependent behavior of the 
rock. Several time-dependant constitutive 

models have been proposed to model the 
complex time-dependant behavior of rock 
mass. Such as these time-dependant 
constitutive models are rheological models 
which include: 

 Visco – elastic model(Kelvin, 
Maxwell, Burgers model),  

 Visco-elasto-plastic model  (CVISC 
model)  

 Elasto-visco-plastic model (Sterpi & 
Gioda, 2009). 

Also, empirical creep models have been 
used as the time-dependant constitutive 
models which are usually expressed in 
simple mathematical forms (power law, 
hyperbolic law and exponential law 
(Phienwej et al, 2007) (Shalabi, 2005)) with 
a small number of parameters. These 
parameters usually have been defined by 
using the tunnel monitoring data, which 
represent the real behaviour of the rock mass 
at the scale of the tunnel. 

Some of these time-dependant constitutive 
models have been implemented in numerical 
code to simulate the time-dependent rock 
mass behavior. For instance, Shalabi (2005)  
used power and hyperbolic creep models to 
model ground squeezing by ABAQUS finite 
element analysis software. Nadimi et al. 
(2011) implemented power constitutive creep 
model for back analysis of time-dependent 
behavior of Siah Bisheh cavern by 3-
Dimensional Distinct Element Method 
(3DEC software). 

3 CASE STUDY: SABZKUH 
WATERTUNNEL 

The Sabzkuh water tunnel project is 
located about 68 km south of Shahr-e-Kord 
city, in the Chaharmahal-Bakhtyari province 
in the west of Iran. The project is designed to 
control flood in the Sabzkuh drainage basin 
and transfer 75 million m

3 
of water annually 

from the Sabzkuh drainage basin to the 
Choghakhor dam reservoir in order to 
provide water for drinking, industry and 
agricultural development of the region. 
Outline of the area is shown in Figure 1. 

The tunnel has a circular cross section 
with 4.5 m diameter and has been excavated 
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with a double shield TBM in the length of 
about 10 km with gradient approximately 
0.001.The maximum over burden in the 
tunnel route is about1160m. 

 

 Figure 1-the outline of tunnel area 

3.1 Engineering Geology 

The study area is situated on the north side of 
Zagros Mountain which including Paleozoic 
and Mesozoic units. 

The lithology of the tunnel route mainly 
consists of limestone, marly and dolomitic 
limestones, dolostone, shale and variable 
sizes of alluvium. At the project area, there 
are karstic features and traces, including 
sinkholes, solution dolines, lapies, poljes and 
shallow caves, which are locally observed in 
limestone. Furthermore, 18 faults are 
detected in these areas which have created 
crushed zones around them with different 
thickness. The main geologic structure at the 
project area is the Sabzkuh syncline. 

For geotechnical evaluation and rock mass 
classification, the field observation, 
geophysical exploration, the field tests and 
laboratory experiments have been used and 
finally, according to geology and geological 
engineering studies, the tunnel is divided to 
10 different zones. The basis of this division 
is the lithological properties of the layers, as 
well as structural differences, and therefore 
geomechanical properties. These zones 
include: Shale with Marly Limestone (Sh-
Ml) Marlstone and Marly Limestone (Ma-
Ml) Limestone with Marlstone (Li-Ma), 
Limestone and Shaly interlayer (Li-Sh)  
Massive Dolomite (M-Do), Dolomitic 

Figure 2. Engineering geological 

section of Sabzkuh tunnel 
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Limestone (Do-Li), Brecciated Dolomite 
(Br-Do), Shale with Sandstone(Sh-Sa) and 
Crushed Zone (CZ).An engineering 
geological section of Sabzkuh tunnel is 
shown in Figure 2. 

RQD, RMR, Q, N and GSI systems have 
been used for classification of rock masses 
for different zones in the tunnel route. Figure 
3 shows the GSI table for different zones in 
the tunnel rout. 

 

Figure 3. Table of GSI for different zone in 

the tunnel route 

4 PREDICTION OF SQUEEZING IN 
THE SABZKUH TUNNEL 

As previously mentioned rock mass strength 
and over burden (in-situ stress) are the main 
factors for the occurrence of squeezing. 
Many authors use the ratio of uniaxial 
compressive strength of rock mass to 
overburden stress for quantifying the 
squeezing potential of rock. In the Sabzkuh 
tunnel, due to very high overburden (up to 
1160 m) and presence of weak zone, shear or 
crushed zone, layered formation and fault in 
the tunnel route, the occurrence of squeezing 
would be probable. 

Hence, for prediction and quantifying of 
squeezing potential in the Sabzkuh tunnel’s 
zones, the empirical and semi-empirical 
approaches are implemented. These methods 
are include: Singhet al.(1992), Goel et 
al.(1995),  Jimenez et al.(2011), Jethwa et 

al.(1984) and Hoek et al. (2000).The 
squeezing potential for each zone are 
evaluated by these methods and the result are 
shown in the figure 4,5,6,7 & 8 and 
summered in table 2. In these methods, the 
average value of geomechanical properties 
and maximum over burden in the tunnel’s 
zones have been considered. 

As can be seen in Table 2, squeezing 
could happen in the most of tunnel zones.In 
the initial zone, i.e. Sh-Ml,Ma-Ml Li-Ma, 
squeezing is not probable because in these 
zones, the overburden is low.In the Sh-Ml(ll) 
zone, according to three methods Singh et 
al.(1992), Jethwa et al.(1984) and Hoek et al. 
(2000), squeezing could happen and  
according  to Hoek et al. (2000) method is 
estimated  very severe squeezing. 

 
Figure 4. Prediction of squeezing potential 
for Sabzkuh tunnel’s zone by Singhet 
al.(1992) 

Figure 5. Prediction of squeezing potential 
for Sabzkuh tunnel’s zone by Jimenez et 
al.(2011) 

 

Non squeezing 

Squeezing 

Non squeezing 

Squeezing 
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Figure 6. Prediction of squeezing potential 
for Sabzkuh tunnel’s zone by Goel et 
al.(1995) 

 
Figure 7- prediction of squeezing potential 
for Sabzkuh tunnel’s zone by Hoek et 
al.(2000) 

The Li, Li-Sh &M-Do zones have a 
stronger rock mass in the tunnel route but the 
overburden is very high and faults and 
discontinuities are presented in these zones. 
According to table 2, there is a squeezing 
potential in these zones and degree of 
intensity is between Fair to heavy squeezing. 
Also, the risk of rock burst phenomena 
should be studied in these zones. 
 

 
 

Figure 8. Prediction of squeezing potential 
for Sabzkuh tunnel’s zone by Jethwa et 
al.(1995 

Br-Do zone is Brecciated Dolomite zone 
with a weak and jointed rock mass. In this 
zone, the core recovery is less than 40% and 
RQD is about 15%. Based on table 2,it is 
expected that heavy squeezing would be 
occurred in this part of  the tunnel. 

Sh-Sa is the critical zone in the route of 
tunnel. The rock mass is shale and have a 
very low strength. The maximum overburden 
in this zone is about 360 m. This zone is the 
most likely one for the occurrence of 
squeezing in the tunnel route.  

According to table 2, the problems of 
squeezing are very serious in the Sh-Sa, Br-
Do, Sh-Ml(ll),Li-Sh and M-Do zones .the 
degree of squeezing intensity in these zones 
are estimated between heavy to very heavy 
or extreme squeezing condition. So, for 
better understanding of rock mass behavior, 
more studies should be done in this zone. 
These studies are including the time 
dependent behavior of rock mass. Therefore, 
to determine the time dependent behavior of 
rock, the triaxial creep test was performed on 
the specimens from these tunnel zones. Here, 
the studies on Br-Do zone are presented. 

5 TRIAXIAL CREEP TEST 

To study the time dependent behavior of 
rock, triaxial creep tests have been 
conducted. In the tests, multiple stress levels 
were applied to small cylindrical specimens 
with a diameter of 54 mm and height of 100-
110 mm. The stress level increment ranges 
from 2 to 5 MPa. Each stress level is 

self supproting 

rock 

burst Non squeezing 

mildly squeezing 

moderately squeezing 

highly squeezing 

Few support 

problems 
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maintained for at least one day. The longest 
test lasted 41 days. Figure 9 show a stress-
time and strain-time curves for the test on the 
specimen CH-T3(1). 
 The Specimens are prepared from rock cores 
of CH-T3 borehole that are drilled in the Br-
Do zone. Most of these Specimens contain 
various flaws such as fractures, thin bedding, 

and pores with or without filling. Presence of 
these flaws and particularly the filling are the 
main reason for creep behavior of this rock. 
Figure 10, show flaws in the rock specimens 
. 
 

 

Table 2. squeezing prediction by empirical method 

Hoek (2000) Jethwa (1984) Goel (1995) 
Jimenez 

(2011) 

Singh 

(1992) 

Over 

burden 
to from Tunnel zone 

Few problem 

support 

Mildly-

squeezing 

Self-

supporting 
NS NS

1
 57 0+344 0+000 Sh-Ml 

Few problem 

support 
No-Squeezing No-Squeezing NS NS 86 0+482 0+344 Ma-Ml 

Few problem 

support 

Mildly-

squeezing 
No-Squeezing NS NS 199 0+960 0+482 Li-Ma 

Minor 

squeezing 

Moderate- 

squeezing 
No-Squeezing NS NS 308 1+229 0+960 Ma-Ml(ll) 

Extremely 

squeezing 

Highly 

squeezing 
No-Squeezing NS S

2
 346 1+383 1+229 Sh-Ml(ll) 

Few problem 

support 

Mildly-

squeezing 

Moderate- 

squeezing 
S S 761 2+914 1+383 Li 

Very severe 

squeezing 

Highly 

squeezing 

High-

squeezing 
S S 1136 3+758 2+914 Li-Sh 

severe 

squeezing 

Highly 

squeezing 

High-

squeezing 
S S 1157 7+071 3+758 M-Do 

Extremely 

squeezing 

Highly 

squeezing 

Moderate- 

squeezing 
S S 562 7+706 7+071 Br-Do 

Minor 

squeezing 

Mildly-

squeezing 

Mild-

squeezing 
NS S 460 8+255 7+706 Li-Do 

Extremely 

squeezing 

Highly 

squeezing 

Mild-

squeezing 
S S 352 8+430 8+255 Sh-Sa 

Few problem 

support 

Mildly-

squeezing 

Mild-

squeezing 
NS S 408 8+911 8+430 Li-Do(ll) 

Minor 

squeezing 

Mildly-

squeezing 
No-Squeezing NS NS 209 9+390 8+911 Br-Do(ll) 

                                                 
1
 Non-squeezing 

2
 squeezing 
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Figure 9. Creep test on Ch-T3(1) specimen 

 

Figure 10. Core rock specimen from 254 to 
255m in borehole CH-T3 

As discussed in the section 2, many creep 
models have already been proposed. These 
reflect the fact that the creep behaviour of 
rock is very complicated depending on the 
rock types, stress conditions, temperature and 
etc. In this study, The Burger creep model 
was used for the modeling of creep behavior 
of rock. This model can describe the elastic 
strain ( e), primary creep ( 1) and secondary 
creep ( 2)  as follows: 

 

Parameters, K, and Gm are the bulk 
modulus and shear modulus of the spring, m 
is the viscosity coefficient of the dash pot in 
the Maxwell section and Parameters Gk, and 

k are the shear modulus of the spring, and 

the viscosity coefficient of the dash pot in the 
Kelvin body. 

Figure 11.  Schematic of Burger model 

(Itasca, 2002) 

For all of the stage tests, the creep 
parameters of Burger model can be obtained 
by curve fitting of the axial strain vs. time 
curves based on Burger creep law. Elastic 
strain, primary creep and secondary creep 
were analyzed separately (figure-12). The 
average creep parameters obtained are shown 
in Table 3. 

 

Table 3. Creep parameters of Burger model 

K Gm Gk k m 

9.57e9 1.29e9 2.23e9 8.15e10 1.74e13 

 

Figure 12. Primary creep in for the stage of 
tests 1 

 

Test-1 
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Figure13. Secondary creep for the stage of 
test-1 

 

6 NUMERICAL SOLUTIONS 

In this study, FLAC
3D

 (Version 3) was 
selected for numerical modelling of Sabzkuh 
tunnel. The Burgers model has been used for 
the time dependent behavior of rock. The 
input data for modeling are shown in the 
table 3 and a 3D model of excavated tunnel is 
given in figure 14. 

Table 3-model parameters 

Parameters value 

K 1.62e9 

Gm 0.55e9 

Gk 2.23e9 

k 8.15e10 (min.pa) 

m 1.74e13 (min.pa) 

Over burden 562 m 

Density 2.65 (gr/cm3) 

K0 1.35 
 

In modeling, tunnel is assumed to be 
without support. The purpose of modeling is 
to study the time dependent convergence of 
tunnel in delay time which occurred in 
excavation stages. Numerical modeling was 
performed for tow time period (one week and 
one month). Figure 15&16 show the 

displacement against creep time for sidewall 
of tunnel. 

 

 
 

Figure 14. 3D model of excavated model 

 
 

Figure 15. The displacement in the side wall 
against creep time for a week 

Figure 17 shows the displacement around 
the tunnel after one month. As can be seen 
the floor convergence is larger than the crown 
convergence 
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Figure 16. The displacement in the side wall 
of tunnel against creep time for a month 

 

Figure 17. The displacement around the 
tunnel after one month  

7 CONCLUSION 

In this study, the squeezing potential of 
Sabzkuh tunnel was evaluated by empirical 
and numerical method. In Sabzkuh tunnel, 
Due to high over burden and weak rock mass, 
the squeezing could happen in the most part 
of the tunnel. Empirical methods also predict 
fair to heavy squeezing for most zones in the 
tunnel rout.  

To study of time dependent behavior of 
rock masses in the Br-Do zone, triaxial creep 
was perform on specimens from the CH-T3 
drill hole. In the tests, multiple stress levels 
were applied to the specimens which were 

constant for 1 to 5 days. The longest test 
lasted 41 days.  

In the numerical modeling of time 
dependent behavior of rock, the Burger 
model have been used and creep parameters 
was obtained by curve fitting of the axial 
strain vs. time curves based on Burgers creep 
law. Numerical model showed a high 
convergence in tunnel. This high 
convergence causes some problems at the 
delay time in the excavation stage.    
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ABSTRACT Tabas Coal Mine (TCM) is the first fully mechanized coal mine in Iran. TCM is 
in an active seismic area with eleven earthquakes of surface wave magnitude of 7 or greater 
recorded to have occurred in the last 80 years within an approximate radius of 500 kilometers 
around the mine locality. 

With using of different relations of peak horizontal ground acceleration, it was shown that 
if an earthquake of the same magnitude and focal depth of the Tabas earthquake of 16 
September 1978 occur within approximately 9 kilometers of the mine site, then collapse of 
the mine or severe damage would be expected whilst with distances greater than 50 
kilometers no damage would be expected. In addition, the behaviors of induced earthquake 
on stability of TCM were assessed and were concluded that these earthquakes in distances 
farther than 20 km cause no damage. 
 

1 INTRODUCTION 

One of the stages of underground space 
design is the assessment of seismic activity 
and earthquake risk. The importance of this 
subject is when the area is seismic and major 
earthquakes were occurred there. The goal of 
this study is to evaluate the response and the 
kind of destruction of excavations under 
seismic loading, and determine the safe 
scope of mine for prevention and reduction 
of damage. The behavior of an excavation to 
an event of seismic loading depends on 
effects of static and transient related to 
seismic loading on an excavation (Brady and 
Brown, 2004). 

The effects of the seismic events can be 
assessed in several ways; the first uses the 
magnitude of the earthquake, whereas the 
second considers the intensity, characterized 
by the relative degrees of shaking observed 
at the area of specific interest. 

1.1 Classification of Earthquakes 

Type of earthquakes is divided into four 
categories by seismologists, which are 
tectonic, volcanic, collapse and explosion 
(St. John and Zahrah, 1987). On the other 
hand, earthquakes can be classified into two 
types of natural and induced. Triggered or 
natural earthquakes have been occurred as 
results of tectonic deformation of drifting 
plates, volcanic activities (such as volcanic 
eruptions) and from surface processes like 
erosion and sedimentation, induced 
earthquakes have been created from Human 
activities and specifically induced stress 
perturbations of  large-scale geoengineering 
constructions, which achieve or exceed 
triggered levels, though (Klose, 2010). 
Determination of type of earthquakes 
(induced or natural) is very difficult, 
although previous analyses have expressed 
with appropriate accuracy that large-sized 
earthquakes (> M6) with deep epicenter 
(>10 km) can be considered triggered or 
natural earthquakes, although, exceptions 
may be existed (Klose, 2013). 
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1.1.1 Induced earthquakes 

Geoengineering activities which are the 
main cause of creation of induced 
earthquake include: surface and underground 
mining, artificial water reservoirs, 
hydrocarbon production, waste water 
injections deep underground, injections of 
carbon dioxide deep underground, deep 
geothermal energy production, and 
formation of artificial land (Klose, 2010, 
2013). Figures 1-2 illustrate number of 
human-triggered earthquakes, versus time 
and the type of geoengineering activity, 
respectively. 

Figure 1. Number of induced earthquakes 
versus time, which are based on events with 
moment magnitudes Mw>4.5 (Klose, 2010, 

2013) 

Figure 2. Number of induced earthquakes 
according to the type of geoengineering 
activity, which are based on events with 
moment magnitudes Mw>4.5 (Klose, 2010) 

Induced earthquakes are mostly occurred 
in stable continental regions (>75 %) (Klose, 
2007a). In contrast, they are slightly 
occurred in active continental regions (e.g., 
California, Japan or Turkey) (<25 %) that 
might be due to the fact that less attention is 
paid or assuming of natural origin (Klose, 
2013). In general, induced earthquakes tent 
to occur in regions next to the 
geoengineering activities, stable continental 
regions and create lasting seismic activities 
in there (Klose and Seeber, 2007, Klose 
2007, 2013). In addition, human caused 
earthquakes to nucleate in very shallow 
depths (<10 km); this assumption is based on 
that the geomechanical pollution on shallow 
crustal faults may cause failures (Klose, 
2013).  

1.2 Earthquake Magnitudes 

For engineering purposes, the size of the 
earthquake is represented by its magnitude. 
Several magnitude scales currently used are: 
the local magnitude, the surface wave 
magnitude, the body wave magnitude and 
the moment magnitude which are 
symbolized by ML, Ms, Mb and Mw, 
respectively. Definitions and their 
application of each of these scales are 
provided by Housner and Jennings (Housner 
and Jennings, 1982; St. John and Zahrah, 
1987). In addition, by the following 
equations 1-4 for earthquakes with 
magnitude >M3.0 can be corrected in 
moment magnitudes Mw. Frequently, Mw is 
utilized for comparison of seismic events. 

2

s L LM 1.27 M 1 0.016M                              (1) 

w sM 0.67 0.005 M   

s2.07 0.03 3.0 M 6.1                         (2) 

w sM 0.99 0.02 M   

s0.08 0.13 6.2 M 8.2                         (3) 

w bM 0.85 0.04 M   

s1.03 0.23 3.5 M 6.2                          (4) 

Where ML, Ms, Mb and Mw are the local 
magnitude, the surface wave magnitude, the 
body wave magnitude and the moment 
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magnitude, respectively (Kanamori1983; 
Scordilis, 2006; Klose, 2013).  

1.3 Influence of Earthquake on Mines 

Intensity of shaking has been proven to be 
less severe underground than at the surface 
except for very soft deposits, (Duke and 
Leeds, 1959; Kuesel, 1969; Dowding and 
Rozen, 1978; Dowding, 1979). It is shown 
that influences of natural earthquake on 
underground mining are limited, but these 
effects on surface operations are not ignored, 
and their resistance to earthquakes depends 
on the geomechanical properties of the 
ground, slope angle and water saturation 
(Lenhardt, 2009). Stevens supported this 
observation by stating that the effects of 
earthquake shaking are less in mines or 
caverns than at the surface due partially to 
the fact that many mines are located in solid 
rock, which is a good transmitter, and the 
wave energy is passed on through the rock 
with a minimum decrease in speed and the 
smallest displacement possible (Stevens, 
1977). 

A number of reports were cited by Tamura 
et al. to highlight further the reduced effects 
of earthquakes below the ground surface 
(Tamura et al., 1969). Dowding concluded 
from a number of observations in relation to 
tunnel damage as a result of earthquake 
shaking, that due to the same intensities, 
tunnels are much safer than surface 
structures. Also, in Modified Mercalli levels 
which little damage to tunnels is caused, the 
amount of destruction of surface structures is 
substantial (Dowding, 1979).  

However, there are some examples of 
damage caused by the earthquake in tunnels 
such as the twin Bolu tunnels (Düzce 
,Turkey), Wrights railway tunnel (California, 
United States), Kern County railway tunnel 
(California, United States) hit by the 1999 
Düzce Mw=7.2, the 1906 San Francisco 
Mw=7.7 and the 1952 Kern County Mw=7.5 
earthquakes, respectively (Kontogianni and 
Stiros,  2003). Thus, it is recommended that 
underground constructions within active 
earthquake areas should be at least 150 m 
below the surface.  

2 CHARACTERISTICS OF THE 
STUDY AREA 

TCM is the first fully mechanized coal mine 
in Iran that produces 1.1 million tonnes coal 
per annum. The mine is located in coal 
bearing basins of Parvadeh 1, which is in a 
remote rugged desert environment 
approximately 85 kilometers south of town 
of Tabas in Yazd province in mid Eastern 
Iran. North, south, east and west of the 
region is surrounded with quite smoothly 
desert plains, Triassic Jurassic heights, 
Shotori Mountains and Kalmard heights, 
respectively. Regional structure is almost 
uneven and its height from sea level is 800 
to 1050. Parvadeh 1 anticline is limited to 
Rostam fault in north, boundary fault of 
Parvadeh 1 and 2 in south and southeast, 
sediments formation of Nayband in east and 
currently to a special North - South cross 
section in the west. 

The study area is a desert region with a 
continental dry climate as previously 
mentioned, temperature fluctuations between 
-6.5°C and a maximum temperature of 
49.5°C have been recorded at the 
meteorological station Parvadeh area. The 
humidity and rainfall of the area are low 
(IRITEC, 1992) .Location of TCM district is 
illustrated in Figure 3. 

Figure 3. Location of TCM district in Iran 
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The Grid Reference location of the TCM 
that was used in the assessment of seismic 
impact on the TCM was:  
Latitude: 33. 000° 
Longitude: 56. 800°  

To assess the hazard from seismic activity 
at the locality of the TCM it is first 
necessary to analyze past records of seismic 
activity for the region and determine what 
effects, they have had on the mine. This 
information can then be used to predict the 
hazard to the mine associated with future 
seismic activity and provide a basis of a 
seismic hazard assessment. Location of 
TCM district is illustrated in Figure 3. 

3 DATA AND METHODS 

The effects of seismic activity decrease with 
distance from the source of the earthquake 
due to attenuation of the wave energy as it 
passes through the ground. The effect of an 
earthquake for a specific locality is 
therefore, dependent both on the magnitude 
of the earthquake and the distance of the 
earthquake source from the locality. In 
general, the influence on underground 
structures not only depends on obvious 
distance of earthquake ground motions and 
the magnitude of the generating earthquake 
but also related to geomechanical properties 
of the surrounding rock mass, the 
overburden, the azimuth of the earthquake, 
its stress drop, rupture direction and seismic 
magnitude (Lenhardt, 2009). 

 In order to comment on the risk 
associated with seismic activity upon the 
stability of the Tabas coal mine, it is first 
necessary to establish the effects that would 
have been experienced at the locality of the 
mine of the previous earthquake activity. 
This information can then be used to predict 
the level of future risks associated with 
seismic activity.  

3.1 Estimation of Earthquake Effect on 
Underground Structure 

Sharma and Judd stated that the most 
significant parameters when determining the 

stability of an underground structure in a 
potentially active seismic area are depth, 
rock type, support type and earthquake 
parameters (Richter local magnitude and 
epicentral distance). The estimation of 
seismic risk is in general a difficult problem, 
for which important parameters are not 
always available (Sharma and judd, 1991).  

Nieto-Obregon state that seismic risk may 
be evaluated in terms of three parameters of 
the probability of occurrence of a large 
earthquake, the vulnerability of structures 
likely to be affected by earthquake motions 
and The value of these structures from an 
environmental, economic and social 
perspective. The first of these is very 
difficult to estimate. In reality, the only 
imaginable way to estimate or predict the 
magnitude and intensity of the largest 
possible earthquake for any given region is 
to analyze past records (Nieto-Obregon, 
1989).  

Most tectonic earthquakes pass unnoticed 
underground but in few cases, little damage 
is experienced. Throughout the latter 
earthquake, only sudden dust was observed 
in the underground excavations, since on 
surface high level of damage was observed 
(Lenhardt, 2009). Based on experience, it is 
recognized that underground structures 
suffer damage only under exact situations. 

Dowding and Rozen have correlated 
successfully the relationship between 
earthquake intensity and magnitude against 
underground structural damage. Although 
these studies were primarily centered on 
underground tunnel damage, these tunnels 
were located in rock environments; 
therefore, the applications of these results for 
this problem are valid (Dowding et al., 
1978). Owen and scholl, Sharma and judd 
and Power et al. have updated Dowding and 
Rozen’s work with 127, 192, 217 cases 
histories, respectively (Hashash et al., 2001).  

A summary of Dowding and Rozen’s 
work is given in the following Table 1 and 
Figure 4.
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Table 1. Summary table relating peak ground acceleration to level of damage (Dowding and 
Rozen, 1978; Lenhardt, 2009) 

Peak surface 

acceleration (g) 

Peak surface 

acceleration (m/s
2
) 

Underground damage Damage on surface 

to buildings 

Macroseismic 

intensity 

< 0.18 < 1.77 None  

(No damage) 

frequent heavy 

damage 

7 

0.18 – 0.25 1.77 – 2.45 Few minor  

(Minor damage) 

heavy damage to 

many buildings 

8 

0.25 – 0.5 2.45 – 4.9 Little  

(Minor damage) 

massive 8-9 

> 0.5 > 4.9 Larger 

(Damage/collapse) 

major 10 

Figure 4. Calculated peak surface 
accelerations and related damage 
observations for earthquakes (Owen and 
Scholl, 1981; St John and Zahrah, 1987) 

Dowding and Rozen state that "no 
damage" implied post shaking inspection 
revealed no apparent new cracking or falling 
of stones. "Minor damage" implicit fall of 
stones and formation of new cracks whilst 
"damage" implied major rock falls, severe 
cracking and closure (Dowding and Rozen, 

1979). It has, however, been observed that 
severe local damage might occur if the mine 
intersects a fault, and if there is any 
displacement along this fault during the 
earthquake (Kaplanides and Fountoulis 
1997). Bedding planes and other 
discontinuities may also serve as local faults 
within a mine structure.  

3.2 Seismicity data for the Tabas region 

Data in relation to previous seismic activity 
in the region of Iran where TCM is located 
was obtained from the British Geological 
Survey (BGS) and International 
Seismological Centre (ISC), Earthquake 
Information Services, which have compiled 
a World Seismicity Database (IRITEC, 
2003; ISC, 2012). The database provides 
data relating to the location, magnitudes, 
epicentral depths, and intensities of 
earthquakes from 2500 BC onwards with 
increasing completeness and quality of 
solution with time. Prior to approximately 
1900 the data was obtained mainly from 
historical sources whilst after that date, the 
data was derived from instrumental records. 
In this study, data was taken from 
International Seismological Centre (ISC) for 
the years after 1900, and before that date, 
data was obtained from the British 
Geological Survey (BGS). 

The seismic data was obtained from the 
BGS and ISC for an area about 1000 
kilometers by 1000 kilometers around and 
approximately centered on TCM, thus 
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approximating a 500 km radial area around 
the mine locality. This data forms the basis 
of this seismic assessment study. The 
seismic data for the 1000 km

2
 region around 

the TCM indicates that the region has been 
an area of extensive seismic activity. The 
largest recorded earthquake is recorded to 
have occurred in 856 AD and had a surface 

wave magnitude (Ms) of 8.1. The level of 
seismic activity is illustrated in Figure 5, 
where the earthquake magnitudes are plotted 
against their date of occurrence for all 
recorded earthquakes since 800 ADs. Prior 
to this date only very few earthquakes have 
been recorded. 

 

Figure 5. Surface wave magnitude (800 to 2012 AD) Tabas region 

 

3.3 Seismic loads 

There are two different methods to evaluate 
the seismic characteristics and predict 
earthquakes, empirical and physical 
modeling of the problem. Empirical 
modeling is a mathematical model based on 
regression techniques and varied data, which 
is important to have proper and adequate 
data for this approach. The other method is 
based on the stochastic modeling approach 
and random vibration theory, which is useful 
in the case of lack of certain data (Zafarani 
et al., 2008). 

Iran is one of the world's most earthquake 
prone regions, which is located along the 
Alpine–Himalayan orogenic belt and there 
are more than 1000 stations in different 
active seismic regions (such as Tabas 
region) of Iran. As a result, there is sufficient 
and appropriate data then using of empirical 
approach is reasonable. To assess the effects 

that the ground motions would have on the 
mine stability, comparisons against Dowding 
and Rozen's limits on peak surface ground 
accelerations for underground tunnel 
damage have been made. The ground motion 
was determined as the peak horizontal 
ground acceleration (PHGA) expressed in 
different units like gravity (g, 981 cm/s2

), 
m/s

2
 and cm/s

2
 which was calculated using 

the attenuation laws, several empirical 
attenuation relationships are described 
below: 

Fukushima and Tanaka, Ambraseys and 
Bommer, Ulatas and Firat Ozer, Ghodrati 
Amiri et al. and finally Bagheri et al. 
represent empirical attenuation relationships 
(equations 5-9) which are: 

Fukushima and Tanaka's relation includes 
the Japanese region earthquakes: 

0.41

10log [ log 0.032 10 ] 0.217sM

sA R M   

0.41 0.0034 1.3sM R                    (5)  
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Where A, Ms and R are PHGA (cm/s
2
), 

surface wave magnitude and distance from 
the fault rupture zone, respectively 
(Fukushima and Tanaka, 1990). 

Ambraseys and Bommer's relation 
includes the European region earthquakes: 

2 2 0.5

10 10log 0.87 0.217 log ( )sA M d h   
0.5

2 20.00117 d h                       (6)  

Where A, Ms, d and h are PHGA (g), the 
surface wave magnitude, source distance 
(km) and the focal depth (km), respectively 
(Ambraseys and Bommer, 1991). 

Ulatas and Firat Ozer’s relation represents 
the Turkish region earthquakes (equation 8): 

0.4537

10 10log log 0.0183 10 0.0015wM
A R R  

0.5344 2.7809WM                      (7)  

Where A, Mw and R are PHGA (g), the 
moment magnitude and the closest distance 
from the fault rupture zone (km), 
respectively (Ulatas and Firat Ozer, 2010). 

Ghodrati Amiri et al. and Bagheri et al. 
have provided two relations for Alborz and 
Central Iran with the assumption of rock 
condition (equations 9-10): 

ln 4.15 0.623 0.96lnsA M R                    (8) 
2

10log 2.173 0.185 0.006s sA M M   
2 2 0.5

100.938log ( )d h                 (9) 

Where A, Ms, R, d and h are PHGA 
(cm/s

2
), the surface wave magnitude and the 

distance of hypocenter to site (km) that is 
obtained by the S-P Method, source distance 
(km) and the focal depth (km), respectively 
(Ghodrati Amiri et al., 2007; Bagheri et al., 
2011).  

4 DISCUSSION AND RESULTS 

4.1 Data Distribution 

For this study, more than 750 data were 
applied within an approximate radius of 500 
kilometers around the mine locality. The 
distributions of data are shown in the below 
histograms, which figure 6-7 indicate the 
number of records versus    scope range of 
surface wave magnitude and ranges of 
distance (km), respectively. 

Figure 6. Histogram of surface wave 
magnitude (Ms) 

Figure 7. Histogram of distance (km) 

4.2 Seismic Hazard Assessment  

Figure 8 show plots of the calculated ground 
motions for TCM against dates of the 
seismic events with different empirical 
relations for the period 1900 to 2012 AD, 
these plots are related to the top 250 
earthquakes, which produced much PHGA. 
It can be seen from the figure that all the 
earthquake events were calculated to have 
generated ground motions less than 1.8 g, 
and therefore, would be considered to have 
no effects on the stability of the TCM. The 
earthquake that was predicted to generate 
the greatest amount of ground motion at the 
site occurred in 1978 with a focus recorded 
to be approximately 75km to the west of the 
Tabas mine. This earthquake had the surface 
wave magnitude (Ms) of 7.4 and was 
predicted to have generated a PHGA up to 
0.12 g. According to table 1, this degree of 
ground motion would be anticipated not to 
cause any damage in the mine. The available 
seismic data, therefore, indicates that past 
seismic activity would have caused little or 
no damage to the TCM.  
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Figure 8. Peak acceleration predicted versus 
year of event for TCM locality (with 
different relations) 

In appendix, each graph of different 
empirical relations of PHGA, based on 
changes in PHGA (g), surface wave 
magnitude (Ms), source distance (km) and 
focal depth (km) were plotted. 

4.3 Affect of Earthquake on TCM 

Although the Seismicity data indicates that 
no seismic event in the past would have 
caused damage to the Tabas coal mine, the 
data also indicates that the mine is within an 
area of active seismicity with eleven 

earthquakes of Ms magnitudes of greater 
than 7 occurring within the last eighty years. 
To illustrate the effect that the most well 
known recent earthquake would have on the 
Tabas coal mine at varying distance from the 
mine the peak ground accelerations were 
calculated for the Ms=7.4 earthquake with 
that occurred on 16 September 1978, and 
which had a devastating effect on the town 
of Tabas itself. Figure 9 plots the PHGA 
against distance between the mine site and 
earthquake focus with different empirical 
relations. 

Figure 9. PHGA versus distance to TCM 
(M=7.4, focal depth = 34.1 km) 

It can be seen according to different 
relations of PGHA, if this earthquake had 
occurred within nearly 9 km of the mine, 
then damage/collapse of the mine would be 
anticipated. With the focus between 
approximately between 9 and 50 km distance 
of the mine correspondingly minor damage 
would be anticipated. With the earthquake 
focus greater than 50 km from the mine then 
no damage would be expected. 

According to Table 1, in the near ground 
portal area of drifts or adits the effects of 
ground shaking may be more damaging, and 
it is recommended that additional 
reinforcement use in these areas. It should be 
also being taken into consideration that 
tunnel displacement by fault movement 
usually results in serious damage. It is 
therefore recommended in areas of faulting, 
additional free standing steel supports be 
installed. 
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4.3.1 Affect of induced earthquakes  

With mine advance, the possibility of 
induced earthquake in a radius of about 30 
km of the large-scale mining increases. 
Magnitudes of these earthquakes directly 
depend on the tectonic stress regime 
(especially reverse fault regimes), magnitude 
of the mass shift and lateral distance that 
indicates an approximation of the rupture 
size (Klose, 2010, 2013). 

According to table 2, the earthquakes 
within 30 km of TCM are observed, which 
occurred after the commencement of coal 
extraction. The seismic characteristics are 
quite similar to induced earthquakes. In 
Figure 10, the amount of acceleration due to 
earthquake induced by assuming of shallow 
depth (6 km) and medium-sized earthquake 
(M=6) is shown. In addition, the impacts of 
this type of human-made earthquakes on the 
surface facilities must also be considered. 

Table 2 . Earthquakes within 30 km of TCM 

DATE LAT LON DEPTH MAG 

1/5/2008 33.042 56.541 4.3 3.2 

7/24/2008 33.1 56.93 14 3.7 

8/24/2008 32.9837 56.9207 10 3.7 

6/11/2011 33.073 57.098 7 3 

Figure 10: PHGA versus distance to TCM 
(M=6, focal depth = 6 km) 

According to graph, if this earthquake had 
occurred within nearly 5 km of the mine, 
then damage/collapse of the mine would be 
anticipated. With the focus between 
approximately between 5 and 20 km distance 

of the mine correspondingly minor damage 
would be anticipated. With the earthquake 
focus greater than 20 km from the mine then 
no damage would be expected. 

5 CONCLUSIONS 

Tabas coal mine is in an active seismic area 
with eleven earthquakes of Ms magnitude of 
7 or greater recorded to have occurred in the 
last 80 years within an approximate radius of 
500 km around the mine locality. However, 
predictions of ground accelerations caused 
by the recorded seismic events indicates that 
the mine locality would have been 
unaffected by any of the events. These 
predictions are independent of the effects of 
seismic events on triggering reactivation 
movement on faults that may be present 
within the mine and which would depend on 
a variety of unknown factors. 

The incompleteness of the seismic data, 
which may not include all earthquakes with 
a magnitude of greater than 7 prior to 1900, 
introduces a level of uncertainty into 
whether an earthquake may have occurred or 
may occur in the future within the 
influencing distance of the mine site. It is 
shown that if an earthquake of the same 
magnitude and focal depth of the Tabas 
earthquake of16 September 1978 occurred 
within approximately 9km of the mine site, 
then collapse of the mine or severe damage 
would be expected whilst with distances 
greater than 50 km no damage would be 
expected. 

The earthquakes within 30 km of TCM 
which occurred after the commencement of 
coal extraction are quite similar to induced 
earthquakes. So, it is necessary to assess the 
behavior of this type of earthquake on TCM 
and especially, on the surface facilities. 
According to determining of impact of 
induced earthquake, it was shown that if it is 
occurred within approximately 5km of the 
mine site, then collapse of the mine or severe 
damage would be expected whilst with 
distances farther than 20 km no damage 
would be expected. However, induced 
earthquakes have an inverse relation 
between their distance and magnitude. 
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Figure 11. Graphs of different empirical relations of PHGA, based on changes in PHGA (g), 
surface wave magnitude (Ms), source distance (km) and focal depth (km)

REFERENCES 

Ambraseys, N. N., Bommer, J. J., 1991. The 
Attenuation of Ground Accelerations in Europe, 
Earthquake Engineering and Structural 
Dynamics, 20, 12, pp.1179–1202. 

Bagheri, A., Ghodrati Amiri, G., Khorasani, M., 
Haghdoust, J., 2011. Determination of attenuation 
relationships using an optimization problem, 
International Journal of Optimization in Civil 
Engineering, 4, 1, pp.597-607. 

Brady, B.H.G., Brown E.T., (3th ed.), 2004. Rock 
mechanics for underground mining, Springer 
Science, New York, 626 p. 

Dowding, C. H., 1979. Site Characterization & 
Exploration, American Society of Civil 
Engineers, New York, 395 p. 

Dowding, C.H., Rozen, A., 1978. Damage to rock 
tunnels from earthquake shaking. J. Geotech. 
Eng. Div., ASCE 104 (GT2), 175_191. 

Duke, C.M., Leeds, D.J., 1959. Effects of 
Earthquakes on Tunnels, Paper Presented at the 
RAND Second Protective Construction 
Symposium, March 24-26. 

Fukushima, Y., Tanaka, T., 1990. A New 
Attenuation Relation for Peak Horizontal 
Acceleration of Strong Earthquake Ground 
Motion in Japan. Bulletin of the Seismological 
Society of America, 80, 4, pp.757–783. 

Ghodrati Amiri, G., Mahdavian, A.,  Manouchehri 
Dana F., 2007. Attenuation Relationships for Iran. 
Journal of Earthquake Engineering, 11, 4, 
pp.469-492. 

Hashash, Y.M.A., Hook, J.J., Schmidt, B., Yao, 
J.I.C., Seismic design and analysis of 
underground structures. Tunnelling and 
Underground Space Technology, 16, 4, 
pp.247-293. 

Housner, G.W., Jennings, P.C., 1982. Earthquake 
design criteria, Earthquake Engineering Research 
Institute, Berkley, 140 p. 

International Seismological Centre, 2012 On-line 
Bulletin, http://www.isc.ac.uk, Internatl. Seis. 
Cent., Thatcham, United Kingdom. 

IRITEC, 1992. Internal Reports of Tabas coal mine, 
pp 17-60. 

IRITEC, 2003. “Appendix A” of Final report of 
Tabas coal mine, pp.334-368. 

Kanamori H., 1983. Magnitude scale and 
quantification of earthquakes. Tectomophysics, 
93, pp.185-199. 

Kaplanides A., Fountoulis D., 1997. Subsidence 
phenomena and ground fissures in Larissa, Karla 
basin, Greece: their results in urban and rural 
environment. Proceeding of the International 
Symposium on the Engineering Geology and the 
Environment, 1, pp. 729-735. 

Klose, C.D., 2007. Geomechanical modeling of the 
nucleation process of Australia’s 1989 Newcastle 
earthquake. Earth and Planetary Science Letters, 
256, 3, pp.547-553. 

Klose, C.D., 2007a. Mine water discharge and 
flooding: a cause of severe earthquakes. Mine 
Water and the Environment, 26, 3, pp.172-180. 

Klose, C.D., Seeber, L., 2007. Shallow seismicity in 
stable continental regions. 
Seismological Research Letters, 78, 5, pp.554-
562. 

Klose, C.D., 2010. Human-triggered earthquakes 
and their impacts on human security. Human and 
societal dynamics, 69,1, pp.13-19. 

Klose, C.D., 2013. Mechanical and statistical 
evidence of the causality of human-made mass 
shifts on the Earth’s upper crust and the 
occurrence of earthquakes. Journal of 
Seismology, 17, 1, pp.109-135. 

Kontogianni, V.A., Stiros, S. C., 2003. Earthquakes 
and Seismic Faulting: Effects on Tunnels. Turkish 
Journal of Earth Sciences, 12, pp.153-156. 



584

Kuesel, T.R., 1969. Earthquake Design Criteria for 
Subways. J. Struct. Div., ASCE ST6, pp.1213-
1231. 

Lenhardt W.A., 2009. The Impact of Earthquakes 
on Mining Operations. BHM Berg- und 
Hüttenmännische Monatshefte, 154, 6, pp.249 
254.

Nieto-obregon, I.J., Tectonic synthesis and seismic 
risk along the rio grande de santiago fault, in 
jalisco, mexico.  International Journal of Mining 
and Geological Engineering,7,1, pp.37-51.

Owen, G.N., Scholl, R.E., 1981. Earthquake 
engineering of large underground structures. 
Report no. FHWA_RD-80_195. Federal 
Highway Administration and National Science 
Foundation. 

Scordilis, E.M., 2006. Empirical global relations 
converting Ms and mb to moment magnitude. 
Journal of seismology, 10, 2, pp.225-236. 

Sharma, S., Judd, W.R., 1991. Underground opening 
damage from earthquakes. Engineering Geology 
and the Environment. 30, 263_276. 

Stevens, P.R., 1977. A review of the effects of 
earthquakes on underground mines. US Energy 
Research and Development Administration, 
Reston, VA, United States Geological Survey 
Open File Report, pp.77-313. 

St. John, C.M., Zahrah, T.F., 1987. Aseismic design 
of underground structures. Tunneling 
Underground Space Technol, 2 ,2, pp.165-197. 

Tamura, T., Mizukoshi C., Ono T., 1969. 
Characteristics of earthquake motion at the Rocky 
Ground. Proceeding of 4th World Conference on 
Earthquake Engineering, Chile. 

Ulutas, E., , M., 2010. Empirical 
attenuation relationship of peak ground 
acceleration for eastern marmara region in turkey. 
The Arabian Journal for Science and 
Engineering, 35, 1, pp.187-203. 

Zafarani, H., Mousavi, M., Noorzad, As., Ansari, A., 
Calibration of the specific barrier model to 
Iranian plateau earthquakes and development of 
physically based attenuation relationships for Iran, 
Soil Dynamics and Earthquake Engineering. 28, 
7, pp.550-576. 

 
 



585

23rd

 

Design Method of Flexible Continuous Footings on Swelling 

Clay Soils 

 

Med. Baheddi,  
Dept of Civil Engineering, Batna University, 05000 Batna, Algeria.  

M.D. Djafarov and A. Charif 
Dept of Civil Engineering, Batna University, 05000 Batna, Algeria Laboratory of Soil 
Mechanics, Azerbaijan Civil Engineering University, Baku, Azerbaijan. 
College of Engineering, King Saud University, P.O. Box 800 Riyadh 11421, Saudi Arabia. 
 
 

ABSTRACT This paper analyses the behavior of swelling soils when they are moistened 
under buildings and structures. The methods and principles used currently for the design of 
structure foundations on swelling soils involve important problems due to non uniform 
deformations of these soils when subjected to the structure loads. In order to avoid the 
negative effects of swelling soils and to reach the desired performance on one hand, and the 
economical results on the other hand, the special computations of the foundations stiffness 
and deformability must take into consideration the prevention of the swelling soils feature 
and in some cases preserve it. The current study was conducted in order to design flexible 
continuous footings on swelling soils taking into account the water content change on one 
hand and the contact pressure distribution on the footing on the other hand. 
 
 

1 INTRODUCTION 

In any geotechnical study relative to a 
construction project, the swelling of a soil 
has a character as important as its settlement. 
The dimensional variations, which result 
from this phenomenon, constitute a 
permanent challenge for the design and 
geotechnical engineers. The durability of the 
structure constructed on the swelling soils 
depends on the good appreciation of the 
phenomenon. 

The swelling of the clayey soils, 
containing smectites or illites in variable 
quantity, is at the origin of numerous 
distresses in buildings and large structures. 
These disturbances are frequent in the 
regions with dry climate as some Caucasian 
parts, in Kazakhstan, Algeria, Morocco, etc. 
These soils, called "swelling", can provoke 
important material damages, or even partial 
to total rupture of the structure, when they 
are not taken into account in the design of 

projects. It is therefore important to foresee 
correctly the possible distortions of swelling 
soils, in amplitude and speed of evolution, 
and to analyze their influence on the 
serviceability or the stability of the structure. 
The inflating soils have been a major 
concern for the designers for many years. 
Some construction procedures have been 
developed to limit the effects of inflation on 
the constructions and can be found notably 
in the classic works, of Mouroux and al. 
(1988) in French, Sorochan (1989) in 
Russian, and Chen (1988) in English. 
Currently, an abundant documentation 
explains the mechanisms of the swelling of 
the clays, as much in the microscopic level 
as in test-tubes tested in laboratory or in-situ 
soil. Nevertheless, the survey of the behavior 
of the structures in contact with swelling 
soils constitutes a complex task and the 
existing methods contain some 
insufficiencies. Most of the research carried 
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out, is limited to the amplitudes of inflation 
of the clay soils in nature, under loads of 
superficial foundations. Little attention has 
been paid to the propagation of the inflation 
phenomena in the mass of the swelling soils 
as a function of time. 

2 IDENTIFICATION OF THE 
MATERIAL 

The studied swelling clay comes from the 
Urban District of Baku (Azerbaijan) where it 
has provoked many disturbances in the 

structures of a concrete channel. The survey 
has been achieved on test-tubes of 
undisturbed clayey soil samples, dated of the 
Pliocenes collected from the Shamour 
channel". Apcheron", (Baku, Azerbaijan) by 
the laboratory of soil mechanics of the 
Institute of civil engineering of Baku within 
a research program (Figure 1.).

 

                      

Figure 1. Example of disorders in the construction of « Samour –Apcheron » concrete 
channel. 

2.1 Mineralogical Analysis

A diffractometry analysis by X-rays has 
been achieved to determine the mineralogy 
of the studied soils. The physical and 
mechanical properties are given in Table 1 
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Table 1. Physical and mechanical characteristics of the studied clay soils 

Soil characteristics Symbols Unit Values 

Natural water content  W % 10 -16 

Degree of saturation Sr % 83 - 91 

Wet Unit Weight  
h  kN / m

3 
21.6 – 22.5 

Dry Unit Weight  d  kN / m
3
 17.7 – 18.3 

Specific Unit Weight 
s  kN / m

3
 27.3 – 27.4 

Voids Ratio e % 49.6 –54.2 

Porosity n % 33 - 35 

Liquid Limit   WL % 46 - 51 

Plastic Limit   WP % 24 - 32 

Plasticity Index  IP % 19 - 22 

Liquidity Index  IL % -41.0 to -74.0 

Coefficient of compressibility av 1/MPa 0.08 

Modulus of distortion between 0.1 - 

0.2MPa 

  - At natural water content  

  - After saturation   

E 

 

MPa 

 

 

7.0 – 7.8 

6.0 – 7.2 

Cohesion 

  - At natural water content 

  - After saturation   

C MPa 

 

 

0.2 – 0.58 

0.08 – 0.14 

Internal friction angle 

  - At natural water content 

  - After saturation   

 Degree  

25 - 31 

17 - 23 
Grain size distribution 

1. 0.5 - 0.25 mm 
2. 0.25 – 0.1 mm 
3. 0.1 – 0.05 mm 
4. 0.05 – 0.01 mm 
5. 0.01 – 0.005 mm 
6. 0,005 – 0.001 m 

 

% 

% 

% 

% 

% 

% 

  

--- 

--- 

18.26 

23.58 

11.79 

46.37 
 

The chemical analysis of the samples of inflating clays gave the following 
composition: 

SiO2: 52.28 %          Al2O3: 15.27 %          Na2O: 2.73 % 
K2O: 2.59 %            MgO: 2.45 %              CaO: 6.70 % 

  TiO2: 0.79 %            MnO2: 0.10 %            Fe2O3: 6.77 % 

The chemical analysis by the method of dosage of the elements composing the 
swelling clay has given the results of Table 2. 
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Table 2. Chemical composition of the studied clays 

N° of the 

sample 

Units  Denomination 

Na+K Ca
++

 Mg
++

 Cl SO4 HCO3 CO3 PH 

1 % 13.88 1.49 0.33 7.3 6.59 1.19 0.63 7.5 

2 % 12.18 1.69 0.33 7.30 5.42 0.89 0.59 7.8 

3 % 13.88 1.29 0.25 7.30 6.84 0.89 0.39 7.8 
 

 

 

3  EXPERIMENTAL ANALYSIS AND 
INTERPRETATION OF THE RESULTS 

The rate of swelling, corresponds to the 
relative variation of volume (in %) of a 
sample subjected to a non-excitant overload 
or very low load (generally the weight of the 
piston in an oedometer) when it is put in 
contact with water with no pressure. The 
pressure of swelling is constituted of an 
"osmotic" component due to the difference of 
concentration in salts of the interstitial water 
and a "matrix" component governed by the 
initial negative interstitial pressure of the 
sample that plays, in most cases a major role.  
Numerous methods have been proposed in 
the literature to evaluate the potential of a 
swelling soil from the measure of the 
parameters of plasticity and grading - for 
example Seed and al, 1962 (quoted by 
Didier, 1972) , Komornik and David, 1969, 
Vijayvergiya and Ghazzaly 1973,  
Dakshanamurphy and Raman, 1973 (Meisina 
in, 1996),  Chen, 1988, and E.A.Sorochan, 
1989 . 

For these authors, a very high swelling 
potential corresponds to a free swelling 
(expressed in percentage) superior to 25%, an 
high potential, to an inflation between 5 and 
20%, a medium potential, to an inflation 
between 1.5 and 5% and a low potential, to 
an inflation lower to 1.5%. For Komornik 
and David (1996), the corresponding 
pressures of swelling are, respectively, 
superior to 300 kPa (potential very elevated), 
varying between 200 and 300 kPa (elevated), 

between 100 and 200 kPa (medium) and 
lower to 100 kPa (weak). 
Several methods also exist to measure the 
pressure of inflation in oedometer, among 
these methods we quote:  
Method of Huder and Amberg (1970) . 
Method of inflation with constant volume, 
according to the ASTM norm D 4546-90. 
Method of inflation or settlement under 
constant load, which requires several 
identical samples. 
Free swelling method followed by a 
reloading. 
The experimental studies on the inflating 
soils (or expanding) show that the 
percentage of a soil inflation should 
increase proportionally with its density, its 
limit of liquidity, its contents clay, its 
indexes of plasticity and shrinkage, as well 
as its pressure of pre-consolidation (Seed 
and al, Ranganatham and Satyanarayana, 
1965; Vijayvergiya and Gazzaly, 1973 and 
E.A.Sorochan, 1989 ). These same studies 
report that the pressure of inflation of an 
expanding soil should be inversely 
proportional to its natural water content. 
The analysis of the experimental results, 
allowed us to draw the curves giving the 
variation of the swelling potential in 
function of time for different values of the 
compression stresses. It also allowed us to 
establish the dependence of the water 
content after inflation in function of the 
different values of the compression 
stresses, the distortion of soils after their 
inflation in function of the different 
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compression stresses as well as the 
variation of the inflation potential 
according to the water content in 
oedometer tests. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. Test of inflation in a free cell 
oedometer (without piston) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3. Swelling test in an oedometer under 
loading 

The following section is relative to the 
mathematical description of the laws of 
behavior and inflation established from the 
oedometric testing of the samples. 
The dependence of the water content 
inflating soil on the compression stresses 
after inflation has the shape of an exponential 
function, hence: 
 

)(0 P
eWW SWSW                                          (1) 

With: 

 
0

SWW : The content in water of a sample after 
swelling without load (P = 0) 
And  

SW

SW

W

W

P

0

ln
1

                                          (2) 
For the interval of the stresses, that is 
generally from 50 kPa to 400 kPa in civil and 
industrial constructions, the dependence 
between the water content of soil inflating 
and the compression stresses can be 
approximated by the relation. 
 

PSWSW WW                                           (3) 

With: 
 

SWW : Initial value of content in water taken 
from the graph )(PfWSW  (Figure 5.). 

: Depends directly on the slope   
)(PfWSW  and for the study of soil by the 

oedometer, we obtain: 
-10,2MPa=       ;24,0SWW  
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Figure 4. Variation of the swelling potential with time 

 

Figure 5. Variation of the water content with different load levels 

 

 

Figure 6. Variation of the inflation potential function of the different loads 
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The following section is relative to the 
mathematical model describing the 
expansion mechanism, established from the 
oedometric tests. 

The dependence of the water content of 
an expansive soil, on the compression 
stresses (after swelling has taken place) can 
be expressed by an exponential function: 

)(0 P
eWW SWSW                                          (1) 

with: 
0

SWW : Water content without loading  (P = 0)  

and        
SW

SW

W

W

P

0

ln
1

                   (2) 

For the interval of stresses, generally 

between 50 and 400 kPa in civil and 

industrial constructions, the dependence 

between the water content of the expansive 

soil and the compression stresses can be 

approximated by the relation. 

PSWSW WW                                           (3) 

With:  
SWW : Initial value of water content given by 

a straight line in Figure 5. 
: Slope of the curve in Figure 5. 

 The obtained values are: 
-10,2MPa=       ;24,0SWW  

In this part, five models of inflation 
prediction according to the geotechnical 
properties of the inflating clays have been 
considered. Their formulations are given in 
Table 3.    

Further review of the models indicates 
that: 

Some models do not have as parameter 
the content in natural water of soil: models 
of Seed and al. first model of Vijayvergiya 
and Ghazzaly. 

The limitation of the domain of 
application of these formulas between a 
lower boundary- of the inflation amplitude 
from which the soil is qualified as inflating 
(5%) and an upper boundary mark is equal 
to the greatest percentage of inflation 
having been observed (60%). This allows 
us to determine, from these models, a 
minimum water content comparable to the 
shrinkage limit of and content in maximal 
water comparable to liquid limit. 
Mathematically, the models of prediction 
should constitute functional relations 
between a dependent variable, the 
percentage of inflation, and some 
independent explicative variables. 
 

Table 3.  Tested Models of prediction for the inflation of the clays. 
 

Model Reference Mathematical expression 

Seed and al. Seed and al. 

(1962)  
                  

44,25
10.16,2 Psw I  

Nayak and Christensen Nayak and 

Christensen 

 (1971) 

                   38,610.29,2
0

245.12

W

C
I Psw

 

Vijayvergiya and 

Ghazaly-1 

Vijayvergiya 

and Ghazzaly 

(1973) 

            
5,19

5,13065,042,62
)lg( Ld

sw

W
 

Vijayvergiya and 

Ghazaly-2 

Vijayvergiya 

and Ghazzaly 

(1973) 

               
12

5,54,0
)lg( 0WWL

sw  

Johnson Johnson (1978) 

 

           Pour IP<40 

PP

Psw

IZIWW

ZI

01215,00432,01,0

08424,05546,118,9

00
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Figure 7. Variation of the swelling potential in function of the water content. 

 

4 PROPOSITION OF A MODEL FOR 
THE SWELLING POTENTIAL OF THE 
STUDIED CLAYS 

The analytical results obtained show that, the 
mechanism of variation of the potential of 
soil inflation, dependent on the values of 
compression stresses and the variations of the 
contents in water in the process of its 
swelling, is governed by: 

.)(1 0
0 PWW

P

P
SW

SW

SWSW         (4) 

As it was showed by the analysis, this 
analytical expression leads to determine with 
a good precision the value of the swelling 
potential of the clayey soils on the basis of 
their features obtained from the tests on 
samples of soil inflating in oedometer molds. 
This formula contains the specific features of 
the swelling soils: 
 

sw  : Potential of swelling. 
0
sw  : Potential of swelling without loading.   

sw
P  : Pressure of swelling. 

swW : Initial value of water content given by 

the graph )(PfW
sw

 (Figure 5.).  

The expression of the inflation potential is 
different from the one found in the literature 
by a good approximation of the non-linearity 

of )(Pfsw
, so that the power of the P 

steers does not exceed 2 

5 CALCULATION OF THE FLEXIBLE 
STRIP FOUNDATIONS UNDER THE 
ACTION OF THE SWELLING SOILS 

The superficial foundations on swelling soils 
must be designed by taking into account the 
capacity of these soils to inflate when their 
content in water increases. The design of the 
foundations on swelling soils must take into 
account the various possible shapes of soil 
distortion at the time of the wetting such as: 
- uplift of the foundation under the effect of 
the soil inflation; 
- drop of the foundation in the layer of soil 
that inflated because of the deterioration of 
these physical and mechanical properties 
caused by the wetting; 
- uplift of the foundation followed by its drop 
in the soil that inflated. 

The swelling soils are characterized by a 
swelling pressure swP  water content of 
inflation swW , and a value of the inflation 
distortion ( sw under the imposed pressure P).  
Given a flexible strip foundation of length  L, 
with a constant bending rigidity on the whole 
length, the action of some outside loads )(xq , 
and the layer under the footing composed of 
one clayey inflating soil, the interaction of 
the foundation base with the surface of 

0
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5
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inflating soil is determined according to the 
following proposed model : 

)()()( xSxybKxR swS                       (5) 
where: 

)(xR : Reaction of the inflating soil pressure 
on the footing. 

SK  : Coefficient of rigidity of the swelling 
soil.  
b  : The foundation width. 

)(xy  : The foundation strain. 

The function )(xSSW  represents the variation 
in the vertical direction of the basis of the 
foundation to the upper surface of inflating 
soil, it is expressed as: 

)()( max xSSxS SWSWSW          (6) 

In this last expression max
SWS   is the final 

distortion after stabilization of the 
phenomenon of inflation that is concomitant 
with the minimal value of the contact 
pressure. )(xSSW  is the non uniform distortion 
induced by the swelling soil on the basis of 
the foundation in function of the variation of 
the water content The action of the contact 
pressure on the base of the footing is in 
conformity with experimental research [1]   

)()(
)(

1)( 0
0 xPWW

P

xP
SxS SW

SW

SWSW         (7) 

:0
SWS  Absolute amplitude of free swelling of 

soil, equal to: SWSWSW HS .00  With 

:0
SW  Free relative swelling, 

SWH : Thickness of the swelling soil layer. 

SWP  : Pressure of swelling. 

0W : Initial water content. 

SWW  : Initial value of the water content of the 

swelling soil, with P = 0   
(Strait line that cuts the vertical axis taken 
from the diagram of the function 

)(PfWsw ; (Figure. 5) 
 : Slope of the straight line representing the 

diagram of the contents in water according to 
the compression stresses. 

)(xP : Distribution of the contact pressures 
under the base of the foundation, in 

correlation with the theoretical method of 
Simvoulidi concerning the calculation of a 
foundation on elastic soil.  
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where: 
L : the length of the foundation     

0a , 1a , 2a , 3a  :   known parameters 
depending on: 
- the foundation rigidity. 
- the foundation length. 
- module of soil distortion. 
- type and the location of the external load. 
The indicative values of the parameters, in 
spite of their slight contribution facilitate the 
convenient calculations. 

The differential equation of bending 
concerning the foundation will be written as 
follows: 

)()()()( xqxSxybKxyEI swS
IV         (9) 

 

)()()()( xSbKxqxybKxyEI swSS
IV       (10) 

Equation (10) can be used for bending of the 
footing on elastic soil, under the influence of 
an outside active load )(xq and 
complementary loads. 

)()( xSbKxq swSeq  : the equivalent load on 
the footing of a non-uniform distortion due to 
the contact of the surface of the footing with 
swelling soil after variation of its content in 
water. 
Equation (10) can be written:  

)(
1

)(4)( 4 xq
EI

xyaxy IV        (11) 

where: 
 

)(q+q(x)=(x)q                 ;
 4

4

1

x
IE

bK
a eq

S  

For computational convenience, let us 
consider the non-dimensional coordinates. 

ax . In these conditions the derived 
functions (x) with respect to x  and  are 
given by. 
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Equation (11) with the non-dimensional 
coordinates takes the following form: 
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The boundary conditions of the problem are 
given by: 
 

00

0

)0(;)0(

)0(;0)0(

QyIEMyIE

yy
   (13) 

 

Where: 0y , 0 , 0M , 0Q , are initial parameters 

of the problem: 

0y  : The strain of the footing. 

0  :  the rotation angle . 

0M  : bending moment. 

0Q  : The shear in the beginning of the section 

of the footing (with =0). 

The mathematical formulation of the problem 
of the bending of strip foundation on a 
deformable basis due to inflation, leads to the 
resolution of the linear equation of the non-
uniform distortion of the fourth degree (11) 
with constant coefficients. In general the 
resolution of this equation is based on the 
global resolution of an uniform equation. 
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(14) designates the particular solution of the 

heterogeneous equation (12). 

The global resolution of the homogeneous 

equation (10), expressed with the help of the 

fundamental functions of Krylov 

)(;)(;)(;)( 4321 yandyyy  is : 
 

)()()()()( 4321 yDyCyByAy (15) 

where: 
 chy cos)(1  

)cos(sin
2

1
)(2 shchy  
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2

1
)(3  
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4

1
)(4 shchy  

The function of Krylov satisfies the 
conditions of Cauchy and constitutes what is 
called the matrix unit: 

 
1)0(1y  ; 0)0(2y  0)0(3y  0)0(4y  

0)0(1y  1)0(2y 0)0(3y  0)0(4y  

0)0(1y  0)0(2y 1)0(3y  0)0(4y  

0)0(1y  0)0(2y 0)0(3y  1)0(4y  

 

While using the matrix of reduction and 

boundary conditions (13), the constants of 

integration, A, B, C and D are then given by.  
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Considering the obtained expressions, the 

solution of the homogeneous equation (14) is 
written as: 

 

)()()(
1

)()( 43

0
32

0
2010 y

EIa

Q
y

EIa

M
y

a
yyy  (16) 

The fundamental functions  )(iy  (i = 1; 2; 3 
and 4) possess remarkable properties; they 
express themselves by successive products 
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with precision until some constant 
coefficients repeat themselves, that is to say: 

);(4)( 41 yy  );(4)( 31 yy   

);(4)( 21 yy      ).(4)( 11 yy
IV  

);()( 12 yy  );(4)( 42 yy   

);(4)( 32 yy     ).(4)( 22 yy
IV  

);()( 23 yy  );()( 13 yy        

);(4)( 43 yy      ).(4)( 33 yy
IV  

);()( 34 yy  );()( 24 yy          

);()( 14 yy          ).(4)( 44 yy
IV  

 
The features of the Krylov function lead to 
simplifications in the solution of the problem, 
as for example the non-necessity to express 
boundary conditions between separated 
sections of the foundation. This 
simplification leads to a unique solution of 
the shape equation (11). This solution 
permits to operate with any intermittent 
loads, with the exception of the one, where 
the unity matrix is reduced to zero with any 
type of anchorage of the foundations in the 
beginning of the section and when two out of 
the four unknown initial parameters are taken 
equal to zero. 
The partial solution of the heterogeneous 
equation (12), considering the theory of 
Krylov takes the following shape: 
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The global solution of the problem of flexible 
foundations, free and supported by elastic 
compressible soil, ( 0M  = 0Q  = 0), has the 
following expression:

0
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(18) 
The computation of the values of the reaction 
due to the pressure of soil, the bending 
moment and shear force, is carried out by 
means of expressions (19), (20) and (21): 
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6 CONCLUSIONS 

For expansive soils, the designers are only 
interested in the measurable quantities which  
are generally the pressure and the amplitude 
of expansion. These values influence the 
choice of the foundation system. On the basis 
of the non-linearity of the physical 
mechanism of distortion, the method 
developed in the present work, relates the 
phenomenon of expansion with the 
distribution of the contact pressure, the 
rigidity of the foundation and the soil 
properties, as well as the type and value of 
the external loading. 
The proposed mathematical formulation 
includes the different parameters influencing 
the behavior of a flexible strip foundation in 
contact with an expansive soil and delivers 
the general solution. 
The solution obtained in the studied real case 
corresponds to that of Krylov expressed by . 
The obtained results open new perspectives 
for methods of conception of foundations on 
expansive clay soils 
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ABSTRACT In this research, after analyses of the field geotechnical data, hydrogeological 
conditions have briefly been studied and inspected. Fourteen boreholes were drilled in the 
dam axe area and they are considered as the major sources of data. As the results show, dam 
site chiefly consists of permeable quaternary alluvium. It seems likely that rock zones 
participate somewhat lower than soil parts in the effective seepage flows particularly at the 
centre of valley. Lithological structures and discontinuities such as joint sets and faults would 
cause to intensify seepage especially through both abutments. There is evidence of a steady 
groundwater regime. Groundwater flow is closely related to surface flow. It is highly 
probable that right abutment has spoiled by karstification. Left abutment is not expected to 
reach a sufficient groundwater level to preclude reverse flow at the reservoir toward left 
bank. Based on soil percolation and Lugeon test results and drilling cores logs, permeability 
of soil and rock sections was estimated and sketched by use of ordinary kriging method. 
Strata positions were also interpolated. The spatial distribution of permeability has been 
compared to strata conditions. The results have indicated that high permeable layers of sand 
and gravel are extended in the most part of dam foundation. At first, grouting works were set 
by designers in charge for sealing of all foundation regions. But according to considerable 
clay strata at the upper parts, very permeable sand and gravel layers at the middle and lower 
parts and weathered and fractured rock zones at the soil-rock contact area, cut-off wall and 
grouting have been respectively proposed for sealing of upper and lower parts of the 
foundation. 
 
1 INTRODUCTION 
The study of Permeability and other 
hydrogeologic features are most 
considerable parts of dam site investigations 
at the foundation and abutments. This 
reconnaissance tends to a suitable 
verification of hydrogeologic conditions 
respecting seepage and water escaping from 
reservoir. Poor hydrogeologic conditions 
cause momentous difficulties. 
Notwithstanding fair geomechanical 
conditions, these problems may finally result 
in relocation of dam axe (Iran Water and 
Power Resources Development Co., 1375). 
So this considerations and analyses of field 

data are obligatory for designers whilst the 
initial stages of the project are just 
commenced (Ewert, 1985; Kutzner, 1996; 
Shroff and Shah, 1999).  
       Generally, for this type of 
investigations, some technical and 
hydrological data such as height of reservoir 
water and river annual flow rate are 
reviewed. The stratigraphical and 
lithological situation of formations and the 
geotechnical data such as soil type 
classification and soil layer conditions are 
also determined. These data and engineering 
geological information such as joint study, 
Lugeon values, soil permeability values and 
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groundwater table values are assembled 
together. Then, data collection analyses are 
conducted to expose the hydrogeologic 
weakness zones. Data are usually obtained 
through drilling and superficial survey. The 
exploration area is emphasized to be sited 
around dam axe in the way that the 
exploration points must be particularly 
concentrate in the dam axes. This type of 
study are utilized widely around the world 
and ,for example, typically could be find in 
the research of Robinson and Robinson 
(1992), Al-Homoud et al (1995), Hutchinson 
(2001), Kiersch (2001), Turkmen et al 
(2002), Ghobadi et al (2005) and Hietfield 
and Krapp (2007). 
       In this research, the information was 
derived from superficial engineering 
geological survey and 14 exploration 
boreholes drilled in the Chaparabad dam 
site. Dam site was evaluated in order to 
discover the hydrogeological conditions and 
probable weakness points. Boreholes data 
are contained within a descriptive log of 
cores, permeability test results and water 
table positions. Superficial data includes 
geological map, inferred sections and joint 
sets condition in rock formations at site. The 
analyses and evaluations consist of bedrock 
topography map and bedding situation, joint 
sets orientation, alluvial deposits conditions, 
regional hydrogeologic regime and spatial 
distribution of permeability. In spite of 
grouting program proposed initially for full 
section of foundation, these results led into 
excavation of alluvium parts to set a cut-off 
wall without any grouting work in this area, 
but a grouting program is urged to seal rock 
zones. 

2 CHAPARABAD DAM SITE AND 
PRELIMINARY   INVESTIGATIONS 

The Chaparabad earth dam is under 
construction on the Kanirash River and is 
intended for both gravity and under-pressure 
irrigation of 3600 hectares of Oshnavieh and 
Naghadeh farm lands. First study of this 
project started at 1994. Dam site is located in 
the South of West Azarbayejan province, 
Iran, 12 km of south of Oshnavieh city 
(Figure 1). Designed dam will be an earth 

dam with clay core and the height of 46 m 
from foundation. 

 

Figure 1. Dam site position in the regional 
geologic maps (after Hezarkhani 2006 and 
Pollastro et al. 1996). 

       The study area is located in Lesser 
Caucasus geologic province (Pollastro et al., 
1996) and Sanandaj-Sirjan geologic zone in 
the Iran geologic map (Figure 1). In this area 
the broad trend of geological units are 
extended in NW-SE direction. Rock zones 
contain Precambrian and Cambrian 
sediments, including shale, slates, limestone, 
schist, and some weathered dolomite. 
Because of water penetration and freezing in 
shallow rocks, there are intensive 
developments of fractured and weathered 
zones. The geological map of the site area 
and geologic section of spillway is 
demonstrated in Figure 2. In this Figure, 14 
boreholes positions that were the main 
source of data are also shown. The 
foundation area could actually be separated 
into two discrete but connected parts of 
alluvial and rock layers. Materials chiefly 
consist of alluvial and rock respectively in 
the central part of valley and both abutments. 
Figure 1 shows roughly the location of dam 
site in regional geologic map.    Dam site is 
located in a mountainous area. Reservoir 
storage is provided by Kanirash River 
directly and Godar River by use of a small 
diversion dam. The Godar river basin area 
up to diversion dam and the Kanirash river 
basin area up to main dam are respectively 
220 and 141 Km2. The annual flow volume 
brought by Kanirash and Godar river basin 
are respectively 289 Mm3 and 34 Mm3. The 
50-year-average of annual precipitations of 
both basins is 500 mm. 
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       Groundwater is briefly seeps through 

the carbonate fractured rocks and quaternary 
alluviums. There are evidences of two 
separate hydrogeologic media of rock and 
alluvium, which are supplied by 
precipitations and run-offs. Alluviums can 
be categorized into three groups as follows; 

1. Impervious deposits, containing clay 
layers,  

2. Quasi-permeable deposits, a 
combination of clay and sand, including 
debris of sedimentary and igneous 
formations, and 

3. Permeable deposits, classified into 
recent alluvium deposits, coarse grain terrace 
and unconsolidated talus and debris.  

Right abutment largely contains deposits 
considered as GP, GM, GC and GW. Indeed, 
these materials belong in brief range of GC-
GW. Fewer parts of superficial alluvial 
materials are reckoned to be SC or SM. Fine 
grain soils of CL type are existed in the left 
abutment. Highest portion of central parts 
consist of sand especially SC and SM. 
Slender clay lenses are observed through the 
dam site.  

       Geomechanical properties of the 
bedrock improve toward depth, but 
mechanical strength of the rocks underneath 
the foundation is poor to very poor in 
general. Furthermore, the RQD values in this 
area are very low to mediocre. 

Figure 2. (a) Local geologic map and (b) 
geological section of dam axis. Coordination 
lines are set to UTM coordination system 
and elevation are set according to m in msal. 

3 EVALUATIONS AND ANALYSES OF 
DATA 

All presented data are synopsis of surface 
and drilling records. Selection and 
classification of these data have been carried 
out in a way that the hydrogeologic features 
of the dam site is regarded and analyzed. 
Nevertheless, lack of data causes to increase 
uncertainty which could be diminished by 
the concentration of drilling network inside 
dam axe in further coming studies. 

3.1 Strata Conditions 

Figure 2 shows the inadequate conditions 
of layers with respect to seepage. Because of 
formations trend particularly in NW-SE 
direction as well as the valley situation 
extending in N-W direction, seepage through 
strata could be probably intensified. There 
are some washable sections such as gypsum 
and clay in the slate and schist layers, and 
then these layers are more likely to be 
washed out by piping and would increase 
seepage. These formations are more 
susceptible, and sealing works must be 
firmly done in their sections. Limestone 
layers have low potential of piping but they 
are probable to have karsts and cavities, and 
grouting strategy must be planned and 
equipped to fill and seal these probable great 
permeable zones. 
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  Crashed and faulted zones in the right 
abutment point out significance of strictly 
grouting works. Saline and sulfate materials 
in run-offs oblige to strengthen the grout that 
will be consumed in cut-off curtain and cut-
off wall. 

3.2 Hydrogeology 

Fluctuations of water table in the 
boreholes through time are plotted as a 
hydrograph diagram in Figure 3. Apart from 
borehole CH10 that displayed unexpectedly 
falling of water table, fluctuation of water 
table in the other Boreholes is negligible. 
Tentatively, therefore, it may be concluded 
that a steady regime is more likely to prevail 
among the regional groundwater flows. 

Figure 3. Groundwater Level Fluctuations 
observed in exploration boreholes since 
November 2007 till July 2008. 

        
Groundwater head maps and section are 

sketched in Figure 4 based on the average of 
the boreholes water table level. It could be 
assumed that groundwater streamlines 
converge into nearby borehole CH9 (Figure 
4.a). The convergence may be on account of 
a very permeable zone close to borehole 
CH9. This area of the right abutment 
involves particularly faulted and karstic 
zones amid limestone layers. Flows are 
expected to be conducted toward these 
highly permeable discontinuities. After 
eliminating the borehole CH9 data, 
headlines reshape to a typical one usually 
observed in dam sites (Figure 4.b). The 
groundwater gradient is generally coincided 
with river, and that could be interpreted as a 
close interaction between groundwater and 
river.  Considering Darcy’s equation with 
respect to Figure 4.c, left side is probable to 
have a negative impact on reservoir storage. 
Groundwater table is not seemingly inclined 
toward the reservoir in the left bank. The 

anticipated reservoir head will overcome the 
natural groundwater table. So, the reservoir 
would be evacuated by inverse flow into left 
abutment. Moreover, in a wide range of left 
abutment, the groundwater is not reached to 
a sufficient level. This problem must be 
regarded seriously since it is actually 
unfeasible to extend the cut-off farther than 
intersection point of reservoir level 
extension toward left side and groundwater 
table. Consequently, some underground parts 
of left abutment, which resemble as a highly 
permeable window, would remain 
unplugged. 

3.3 Engineering Geology and Geotechnics 

As mentioned above, dam foundation 
could be classified to two separate parts of 
soil and rock. So, sealing works must be 
considered for both soil and rock 
specifications. 

       In shallow zones the soil grain size 
distribution is erratic so that abrupt changes 
from a very permeable zone to an 
impervious clay zone or vice versa in 
alluvium strata may frequently be observed. 
The sealing method also must be altered 
when these variations are monitored. If 
grouting is opted as the sealing method, poor 
groutability conditions of clay layers raise 
the probability of washing-out, and finally 
may tend to cause permeable windows. As a 
result, construction of a curtain wall in 
preference to cut-off curtain is recommended 
in the shallow alluvial zones.  

       Grouting method could be preferably 
selected for remediation of bedrock against 
seepage flow. Because bedrock is extremely 
jointed and fractured especially in the upper 
parts, grouting in these parts are uniform and 
effortless. But regarding the high 
deformability and poor geomechanical 
conditions, grouting pressure should be kept 
under a low level and performed prudently. 

3.3.1 Bedrock Conditions 

Bedrock depth in the boreholes was 
recorded. Figure 5 shows bedrock elevation 
contours map. The valley morphology is 
nearly coincided with bedrock. A relatively 
deep valley in bedrock, especially in central 
part, could have an effect on growth of 
seepage and piping. This problem needs a 
denser network of drilling hole to investigate 
and explain the real circumstances as well as 
denser grouting holes. 
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3.3.2 Discontinuities situations 

Dam axe is in E-W direction and hydraulic 
gradient is generally in south-to-north or 
upstream-to-downstream direction. 

Figure 4. Groundwater hydrostatic contour 
maps (a) considering CH9 borehole, (b) after 
eliminating of CH9 borehole and (c) 
groundwater level section at the dam 
foundation. Coordination lines are set to 
UTM coordination system and elevation are 
set according to m in msal. 

 
According to Figure 2, joint sets 1a, 3c and 
4b in abutments are plunged down into 
downstream and joint sets 1b, 2a, 2b and 4b 
are perpendicular to the dam axe. As to dip 
and orientation, these entire joint sets have 
high potential of water escape from dam 
reservoir toward downstream. In comparison 
with other joint sets, grouting holes should 
preferably be oriented in directions that 
make an angle of 60 to 90 degree with the 
planes of these problematic joint sets to 
achieve sufficient penetration of grout. 
Two identified minor fault have yielded 
wide crashed zones that may possibly cause 
to water escape from reservoir toward 
downstream. Accurate location of these 
hazardous zones should be determined 
where grout curtain plane intersects with 
them. Grouting in these zones would be 
executed more firmly. 

4 PERMEABILITY AND 
STRATIGRAPHY OF DAM 
FOUNDATION 

A simple classification of geological and 
permeability data obtained by boring, are 
done to enhance the assessment truthfulness. 

The soil classification was originally 
founded on Unified Classification (Das 
2002), and then categorized in wide-ranging 
groups to simplify for sketching and 
comparing with permeability of sections. 
Percentage of fine grain (passing #200 
sieves) is the main factor that discriminated 
the groups. It is known that fine grain 
contents of soil sample are contrarily related 
with permeability. Because of the important 
role of fine grain contents in the alluvial 
sediment permeability, percentage of passing 
#200 sieve, F200, have been considered as 
the main characteristic that differentiated the 
groups. At first, core contents classified in 
accordance with UC, and after that the 
results merged and reclassified according to 
F200 contents. The classification utilized 
here is presented in Table 1. 
       Geological section of foundation at dam 
axe is shown in Figure 6.a. This section is 
inferred and planned according to the above 
noted classification and rock type observed 
in drilling cores as well as some superficial 
surveys. Strata were interpolated and 
extrapolated between boreholes by Spline 
method.  
       Permeability data were achieved by 
Lugeon (water pressure) test and soil 
percolation test respectively in rock and soil 
stages. However all permeability data were 
expressed in cm/sec to be shown in a section 
coincided by aforementioned geological 
section (Figure 6). Permeability values were 
attributed to middle point of tested sections. 
Ordinary Kriging method (Journel 1990 and 
Deustch 1992) were applied to find spatial 
variation of permeability.  
       Regarding the information revealed in 
Fig. 6 and pervious results, some important 
features are described as follows; 

 
Figure 5. Foundation bedrock elevation 
contour map (coordination in UTM system 
and elevation in msal). 
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1. Despite of clay layers in the left abutment, 
alluviums in the other parts of foundation are 
high clayey sand and low clayey gravel. 
2. Both S3 and G1 groups show a high 
permeability. Because of hard penetration of 
grout in these layers, grouting procedure will 
be hindered to stop seepage flow through 
foundation. Construction of a cut-off wall 
may be more suitable than grouting, at least 
in shallow parts of the foundation.  

Table 1. Reclassification of main 
geotechnical groups of soil based on F200 
(percentage of passing 200

#
 Sieve). 

Utilized 

Classification 

Comparable Standard 

Classification 
Specification 

G1 GP, GW F200 < 5 

G2 
GW-GM, GW-GC, GP-

GM, GP-GC 

5 < F200 < 

12 

G3 GM, GC, GM-GC F200 < 12 

S1 SW, SP F200 < 5 

S2 SM, SC, SM-SC 
5 < F200 < 

12 

S3 
SW-SM, SW-SC, SP-

SM, SP-SC 
F200 < 12 

ML Silt - 

CM CL-ML - 

 
3. There is a high permeable zone in the 
contact of rock and soil layers. Also bedrock 
around this contact zone contains high 
permeable zones but reaches to impervious 
layer in depth. Grouting of this section may 
be the best way to prevent seepage flow. A 
grout curtain that sewed to deep and low 
permeable zone of bedrock, which have 
permeability less than 10-4 cm/sec (Figure 
6) is a realistic way for sealing bed rock 
formations. 
4. Permeable zones in the left bank around 
borehole CH3 is the main reason for low 
groundwater level and lack of adequate 
hydraulic gradient (Figure 4). This problem 
is discussed in the next section. 

5 CONCLUSION 

Considering aforementioned conditions and 
analysis, main results of this appraisal could 
be stated as follow; 
1. Site area briefly is in poor hydrogeologic 
conditions and needs firm considerations for 
improvements. 
2. Groundwater level is drastically low in the 
left abutment and does not be intersected by 
the line of reservoir water level. This area 

contains several high permeable zones that 
may be a good reason for low groundwater 
level and low hydraulic gradient. These 
problems must be noticed strongly, because 
as the reservoir fills up, flow may overturn 
to abutment and the reservoir may be 
discharged. Seepage is supposed to be 
analyzed and modeled in this area. A 
hanging curtain must be set in this abutment. 
It would be elongated so that the seepage 
through the left abutment reaches to a zone 
of acceptable limit.  
3. In the right abutment there are 
overwhelming evidences of karstification. 
Since the karstic cavities can discharge 
reservoir in this area. A dense exploration 
drilling network as well as test grouting is 
recommended for disclosing these zone and 
remediation. 
4. In the central part of valley, alluvium 
zones are extended deeply. Therefore soil 
grouting is needed in deeper parts of 
alluvium in addition to cut-off walls in 
shallow sections. 
5. Deep alluvial in contact with rock 
demonstrates a piping and seepage 
hazardous zone. A concentrated grouting 
work may carry out in those sections.  
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ABSTRACT Physical-mechanical properties of rocks are of great importance in the field of 
rock mechanics when estimating failure process in rock mass. Investigating them we can 
determine limit resistance of the rocks to various loads, their deformation behavior, 
conditions of elastic vibration transmission and etc. In turn, this information helps to 
determine if the rocks are prone to rockbursts and other kinds of rock pressure dynamic 
occurrence. 

The article represents analyses and comparison of the test results obtained in determining 
the shear strength of the apatite-nepheline ore and urtite specimens of the Khibiny massif. 

Tested specimens had parallelepiped and cylinder forms. These specimens were cut under 
various vertical loads with additional rupture energy (by installing the springs on the shear 
test device). 
 
 
1 INTRODUCTION 

The Khibiny massif includes varieties of 
rocks, such as apatite-nepheline ores, urtites, 
rischorrites, lyavochorrites, khibinites, and 
etc., and most of them are hard rocks. Large 
scale mining in the Khibiny deposits as well 
as high stress due to tectonic forces 
influence result in rock mass movement and 
cause different fractures. As is known, hard 
rocks are subjected to brittle fracture, which 
can cause a rockburst or induced earthquake. 
That’s why it is very important to determine 
the value of strength limit for the Khibiny 
massif rocks under various loading 
conditions. Determination of other physical-
mechanical properties is also of great 
importance. 

The paper considers shear fracture in rock 
mass which usually occurs due to induced 
rockbursts and earthquakes when developing 
the Khibiny deposits. This process was 
modeled by shearing specimens on the shear 
test device. Shear strength, cohesion and 

coefficient of internal friction were the main 
investigated properties. Cohesion 
characterized shear strength of the rocks 
without outer loads. Coefficient of internal 
friction showed connection between changes 
of horizontal and vertical load values 
(Turchaninov et al., 1977). These parameters 
were needed to do accurate engineering 
calculations to determine the limit loads for 
rocks, stability of rock mass and pressure on 
the supports. 

Apatite-nepheline ores and urtites have 
the greatest importance for our study, the 
first being the main object of mining in the 
Khibiny massif, and the latter being the host 
rocks. That’s why these rocks specimens 
were used for testing. The specimens had 
parallelepiped and cylindrical shape. The 
total number of experiments accounted for 
25 tests with different kinds of loadings. 
 

Study of Apatite-Nepheline Ores and Urtites Properties by Using 
Shear Test Device 
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2 TEST AND RESULT PROCESSING 
METODS 

2.1 Shear test device 

To determine the values of physical 
mechanical properties of apatite-nepheline 

ores and urtites we conducted experiments 
on the shear test device (Fig. 1) in the 
laboratory of the National Mineral 
Resources University. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 1. Shear test device 

The shear device consists of horizontal 
and vertical loading systems. The vertical 
loading system includes a hydraulic cylinder 
with a dynamometer attached to the end of 
its rod and a hydraulic compression unit 
mounted on the rigid frame. A compression 
force meter controls the vertical load values 
which are continuously transmitted from a 
strain gauge to the measuring unit. 

The horizontal loading system doesn’t 

essentially differ from the vertical one. The 
hydraulic shear unit is mounted on the rigid 
frame. A shear force meter controls the 
horizontal load values transmitted from the 
strain gauge to the measuring unit. 

The additional equipment for the shear 
test device includes specimen grips with 
different cross-section. The upper grip is 
placed in a centralizer. The centralizer 
provides compression force transfer to the 
specimens, connects a specimen with the 

rigid frame; makes its axis perpendicular to 
the line of the horizontal load. The bottom 
part of the specimen is also placed in the 
grip fixed in the carriage. The movement of 
the carriage under the horizontal load is 
carried by a sliding unit and controlled by a 
displacement measurement unit. The values 
of displacement are continuously transmitted 
to the measuring unit.  

The shear test device considered above 
allows conducting experiments on shearing 
specimens with varying vertical load values. 
Testing specimens without the vertical load 
helps to determine the values of cohesion. 
Applying the vertical load we can dispose of 
tensile stresses which dramatically reduce 
the shear strength (Citovich, 1983). 
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2.2 Software ACTest 

Physical-mechanical properties of the 
specimens measured by the shear test device 
were determined on a basis of the processing 
data obtained as a result of loading process 
monitoring in the real time mode.  

ACTest automatically reads values from 
the measuring units of the shear test device. 
This software is designed to automate the 
work on research, testing, technological and 
control-diagnostic devices. It operates on a 
PC-comparable computer fitted with a means 
of data collection. The software allows one 
to setup experiment conditions, storage and 
search for the appropriate case in the data 
base. Also, it makes possible to conduct 
measurements in real time with simultaneous 
archiving and visualization of experimental 
data, view and analyze results (from site). 

ACTest consists of an experiment 
preparation and conduction module (Fig. 2) 
which receives signals from sensors in real 
time mode and performs primary 
mathematical data processing; and after 
session data processing module (Fig. 3) 
which allows analyzing the experiment 
results (in the form of stress-time 
relationship graphs). 

 
 

 

3 RESULTS AND DISCUSSION 

3.1 Shear tests without vertical load 

Testing of the specimens was carried out at 
several stages: 1) shearing without vertical 
load; 2) shearing with gradual increase of 
vertical load from 50 to 150 at; 3) 
installation of 6 or 8 steel springs on the 
hydraulic shear unit. Each experiment was 
carried out on isolated specimens. 

The specimens of lenticular-striped 
apatite-nehpeline ore were tested without 
vertical load. They had the shape of 
parallelepiped and cylinder. Shear strength 
for the first specimen was found as 7 MPa, 
and for the latter it was 16 MPa. The 
difference in the values meant that in the 
parallelepiped specimen shear stress 
concentration occurred in the edges. In turn, 
this resulted in decrease of the shear strength 
value.  

Figures 4 and 5 present photos of the 
specimens before and after destruction. We 
can see that in the cases there was a pure 
shear. The lateral strain values of the 
specimens were near 9 mm. In general, the 
occurrence of tensile stresses wasn’t 

observed in this test. The obtained values of 
the shear strength were used as the basic 
values of cohesion for lenticular-striped 
apatite-nehpeline ore specimens.  

 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
 

Figure 2. Interface of experiment preparation and conduction module 
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Figure 3. Interface of after-session data processing module 

 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 4. Parallelepiped specimens of the apatite-nepheline ore before and after destruction 

 
 
 
 
 
 
 
 

 
 
 
 

 

Figure 5. Cylinder specimens of the apatite-nepheline ore before and after destruction
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3.2 Shear tests with vertical load 

The next stage included specimens testing 
when changing the values of the vertical 
load. It was established that increase of the 
vertical load value led to increase of the 
shear strength. This regularity was found for 
specimens of medium-granular massive 
feldspar urtite with sphen, fine-medium 
granular massive urtite and lenticular-striped 
apatite-nepheline ore. However, with 
increasing of the vertical load from 100 to 
150 at we established two ways of the shear 
strength values changing: for medium 
granular massive and inequigranular massive 
feldspar urtites these values didn’t change, 
while for apatite-nepheline ore they 
decreased. The first results were probably 
related to the fact that the specimens 
sufficiently consolidated under the influence 
of the vertical load. In the second case the 
fissuring in the weaker ore resulted in 
decreases of specimens shear strength. 

Another characteristic feature of 
specimens testing under the vertical load 
was their stronger disturbance. The values of 
deformation under the vertical load at 50 at 
were significantly less than those obtained 
without it. However, increase of the load to 
150 at led to gradual increase of the strain 
values. The values of the shear strength 
determined when testing specimens with 
applying the vertical load were used to 
create strength certificates. 

3.3 Shear tests with steel springs 

On the third stage the experiments were 
carried out on the specimens with 
installation of 6 or 8 steel springs on the 
hydraulic shear unit. These tests allowed 
effect of a rockburst occurred in the rock 
mass to be modeled on the specimens. The 
characteristic feature of the experiments was 
dynamic fracture with strong sound. This 
kind of fracture occurred due to decrease of 
load rigidness caused by adding the steel 
springs.  

As is known, the Khibiny massif includes 
hard rocks. This fact means that failure 
occurs only under rigid conditions, i.e. when 

displacement is constrained. But if there is a 
possibility for displacement to occur then a 
shear resulted in rockburst is appeared. 

The most significant disturbances of the 
specimens were observed during these tests 
in comparison with other experiments. In 
some cases the specimens were almost 
completely destroyed. Also, it was found 
that increasing of the number of the springs 
intensified the rockburst effect. This fact 
showed that loading speed influence on the 
specimens shear strength. 

When testing specimens with installation 
of a steel spring on the hydraulic shear unit 
and changing the vertical load it was found 
that under the same load the increasing 
number of the springs led to increase of the 
shear strength values. This was typically for 
specimens of medium-granular massive 
urtite, medium-granular massive feldspar 
urtite with sphen, apatite-nehpeline ore and 
inequigranular massive feldspar urtite. For 
other tested rock specimens adding of the 
number of the springs didn’t result in 
increase of the shear strength values. 

By comparing tests with using of the steel 
springs and without them it can be said that 
for the tests with springs smaller values of 
the shear strength were observed. It was 
probably connected with the fact that when 
the springs were straightened, instantaneous 
transferred energy resulted in decrease of the 
specimen strength. Therefore such effect 
caused the reduction of the shear strength 
values.  

3.4 Creation of the shear strength 
certificates 

The final stage of the study consisted of 
creation of the strength certificates for all of 
the researched rocks. For this purpose the 
values of the shear strength and vertical 
loads were used. The certificates were built 
by using Mohr-Coulomb failure criterion, 
which is: 

 
wher –horizontal stress (MPa), c–cohesion 
(MPa) –vertical stress (MPa –
coefficient of internal friction (Turchaninov 
et al., 1977).  
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The results were shown in the form of 
horizontal stress-vertical stress relationship 
graphs (Fig. 6) which allowed us to 
determine the values of cohesions and 
internal friction coefficients. 

 
 

 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

 

Figure 6. Strength certificate of the lenticular-striped apatite-nepheline ore

The Table 1 shows the results of 
specimens testing under the different vertical 
loads and data obtained on the basis of shear 
strength certificates. Their analysis was 
given above. It was established that 
specimens of inequigranular massive 

feldspar urtite had the greatest value of 
cohesion. Therefore this rock was the 
strongest one. The specimens of lenticular-
striped apatite-nehpeline ore had the greatest 
value of the internal friction coefficient. And 
this rock was the weakest one.  

Table 1. The results of shear tests 
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4 CONCLUSION 

As the result the values of shear strength, 
cohesion and internal friction coefficient 
have been determined for all tested rock 
specimens. The fracture pattern of the 
specimens in each type of the experiments 
has been found. The analysis of obtained 
data has been carried out and some 
regularity patterns established. These data 
are essential in the development of 
recommendations on the selection and 
estimation of rational parameters for mine 
workings support, especially under 
conditions of dynamic rock pressure 
occurrence and unstable and oxidized rocks.  
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ABSTRACT The comparative analysis has been carried out of the results of optical distance 
and GPS-measurements in observation stations of the geodynamic testing site at the 
“Zentralny mine”, “Apatit” JSC in the Khibiny rock massif. The results of GPS-measurements 
for 2007-2011 are presented. The values are determined of secondary stresses, deformations 
and rotations in the blocks under review with active response towards changes in the general 
geodynamic setting in the testing site. 
  

1 INTRODUCTION  

 

The methods of the space geodesy, 
particularly GPS-technologies are currently 
widely applied to define the absolute 
coordinates of the earth’s surface points and 
the movement of different large geological 
objects, e.g., lithosphere plates in time and 
space [Robert McCaffrey, 2005].  

But until recently the applying of these 
methods to study the deformation of 
relatively small-scaled rock masses located 
in the vicinity of the mining enterprises was 
restrained due to low accuracy of 
determination of movements and 
deformations [Panzhin A.A., 2008].       

The geodynamical setting in the land 
allotment area of the Tsentralny mine is 
more difficult compare to other mines of 
“Apatit” JSC. This is caused by high rock 
mass intensity, large volumes of extracted 
and removed rock mass, developed 
underground vehicle excavations (deep 
orepasses and large sectional tunnels). The 
situation is additionally complicated by the 
underground mining operations at the 
Rasvumchorr mine, in the immediate 
proximity to an open-pit.   

These factors cause higher geodynamical 
activity of the rock mass what is seen in 
periodical occurrence of large dynamical 
rock pressure in the vicinity of the 
Tsentralny mine. 

 
2 PROBLEM STATEMENT  
 

Natural stress-strain state of the rock mass 
at the Tsentralny mine is caused by 
simultaneous action of tectonic and gravity 
components. The tectonic component of the 
stress field acts along the ore body strike; 
the gravity component acts in the vertical 
plane and is determined by own weight of 
the rock mass and rocks removed into the 
dumps close to the open-pit wall. An initial 
task for the monitoring observations was to 
assess stability of the north-western pit wall 
which state was complicated by 
underworkings at the Rasvumchorr mine. 
Also there was a task to assess a large fault 
in the western part of the open-pit where 
large-scale works were carried out to form 
a waste rock dump. For these purposes 
special observations for rock mass 
deformations and displacements were 
organized by the survey agency of the 

Rock Mechanics Monitoring of Hard Rock Massifs Using Space 
Geodesy Methods 
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Tsentralny mine (1994) and the Mining 
Institute KSC RAS (1999) and are carried 
out to the present. The geodynamical 
testing site built in 1999 (fig.1) consists of 
eight basic stations, four of which are 
located from the same side of the monitored 
fault (A-A), and other four stations are 
located in the adjacent structural block. 

The rock mechanics monitoring includes 
identification of displacements and 
deformations of basic and working testing 
site stations. 

Both traditional geodesy (leveling, 

traverse survey, triangulation, trilateration 

survey) and space geodesy methods are 

likely to be applied for these purposes. The 

observations on the basic stations, the 

Tsentralny mine, are carried out by the 

complex method: optical distance 

measurements are made by an optical 

distance measuring device Mekometr-5000 

(ME-5000), and the absolute coordinates of 

the stations are identified by the space 

geodesy methods (GPS-technologies). 

 
3 MEASUREMENTS  
 

The technique of the optical distance 
measurements was tested by long-term 
operations on geodynamical testing sites 
and consists of periodical measurements of 
inclined distances between basic and 
working stations. The optical distance 

measuring device and reflectors at the 
stations are installed out with forced 
centering, that’s why installation errors are 
extremely negligible. This allows the 
measurements of distances between the 
stations in one-way movement only to 
reduce time and keep accuracy. Regular 
GPS-measurements have been carried out 
since 2007, GPS-satellites (USA) being 
used only. 

To the date we have five sets of 
equipment, including JNS Lexon-GGD 
receiver and JNS hock Ring CR3_GGD 
antenna designed and produced by “Javad 
Navigation System”. During measurements 
the receivers are replaced in a certain order 
from the station to the station so that 
simultaneous equipment work time in each 
triangle is minimum 5 hours. Differential 
correction with a fixed GPS receiver 
located in the basic station with 
predetermined coordinate is applied to 
reduce measurement errors. During the 
whole measurement period the basic station 
accumulates data on coordinate 
determination errors which are taken into 
consideration by the specific software when 
processing data from mobile receivers 
installed in the monitored stations. 

GPS-measurements register pseudo-
distance to GPS NAVSTAR satellites on 
two frequencies of L1=1575,42 MHz and 
L2=1227,60 MHz with 30 sec interval.  
Signals registering and tracking are carried 
out automatically under control of firmware 
receivers.  

The data obtained are treated by the 
software Pinnacle designed by the company 
producing the equipment applied. As a 
result we obtain the observation points 
coordinates in the international geodesic 
system WGS-84. Stations displacements 
are calculated by changing of the 
corresponding coordinate components from 
the cycle to the cycle. If GPS-
measurements are applied to monitor the 
geodynamical state of the rock mass, one of 
the main issues is to provide the sufficient 
accuracy of the results obtained.  

To solve this problem under the specific 
conditions of apatite-nepheline deposits the 

 

Figure 1. Geodynamic testing site 
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GPS-measurement results, particularly, 
vectors lengths were compared to the 
results of optical distance measurements for 
the same distances. The data analysis 
indicates divergence between results of 
GPS and optical distance measurements 
from -3.5 to +32.9 mm, which is probably 
explained by significant systematic errors 
of both measurements. Other situation 
appears when comparing the stations 
displacement determined by results of 
optical distance and GPS-measurements. At 
that majority of comparison results are 
presented by considerably smaller values. 

For the correct estimation of the 
distances measured and the rock mass 
displacements by results of optical distance 
and GPS-measurements we can calculate 
errors of results obtained. 

Mekometr-5000 error equation (by 
results of the equipment calibration, 
October, 2006) can be determined as: 

)68.38.0( DmCB mm, 

Where D – distance measured, km.  

Displacements error by optical distance 

measurements can be expressed as: 

)68.038.0(22 Dmm CBLCB (1)  
GPS-measurements error (at the average, 
by technical data of the equipment applied) 
is defined as:  

ppmmGPS 13()13( for1km). Then 
the displacements error by GPS-
measurements is determined: 

mm GPSGPS 13(22 for1km) (2)  

Total error of displacements comparison is 
expressed as:   

22 22 GPSCB mmM
 (3).  

 
The calculation values of the errors for 

all the distances between the stations of the 
testing site are presented in the Table 1.  
The column 6 contains actual difference in 
movements identified by optical distance 
and GPS-measurements; values exceeding 
calculated errors are blue-colored.    
According to the data given (Table 1) 

calculated values of mean-square errors are 

exceeded in 10 cases of 45 (22%). It is an 

evidence of some nonregistered local 

causes of inaccurate measurements. At that, 

maximum divergences from one cycle to 

another one are often observed for the same 

stations. This is an evidence of local causes, 

e.g., due to incorrect installation of 

antennas or some obstacles for satellite 

signals passing.   

 

 

 

 

 

 

 

 

 



630

Table 1. Errors of optical distance and GPS-measurements results 

Sites    
Distance 

(km) 

m LCB, 

(mm) 

m GPS, 

(mm) 

22 22 GPSL mmM  

(mm) 

ME - GPS, 

(mm) 

1 2 3 4 5 6 

Tsentralny mine, “Apatit” JSC  

–  0.8  ±5.3 ±5.5 
-1.5; -3.5; -0.7; -0.2; -

0.9 

–  1.8 ±2.3 ±6.8 2 1.9; 2.9; 4.7; -1.9; -6.4 

–  1.9 ±2.3 ±6.9  
12.6;-21.3; 9.4; -5.2;-

6.9 

–  1.7 ±2.2 ±6.6 ±7.0 1.0; 1.1; 0.6; -2.4; -2.7 

–  1.9 ±2.4 ±7.0 ±7.4 
4.2; -14.7; 3.1; -0.9; -

3.9 

–  0.4 0 ±4.9 ±5.0 
-6.2; -3.4; 0.3; -0.3; -

1.5 

“Smotrovaya”  2.1 ±2.6 ±7.2 ±7.7 7.1; -9.5; 4.1; -9.2; 0.6 

“Smotrovaya”  1.8 ±2.2 ±6.7 1 
26.8; -27.5; 5.2; -9.7; 

0.1 

–  2.8 ±3.2 ±8.2 ±8.8 4.1 

“Smotrovaya”  2.2 ±2.7 ±7.4 ±7.8 -2.4 

–  0.9 ±1.4 ±5.5 ±5.6 0.1 

–  1.7 ±2.2 ±6.7 ±7.0 1.4 

–  2.0 ±2.5 ±6.9 ±7.3 4.7 
 
The data (Table 1) also demonstrate 

tendency to increase of difference between 
optical distance and GPS-measurements 
results with increasing of distances between 
the observation stations.  Optimum distance 
between the basic stations is 1500 m. At 
that calculated value of distance 
determination error by optical distance 

coordinates determination error by GPS-

be taken as a limit error when monitoring 
stress-strain state of the rock mass.  

 
4 TREATMENT OF MEASUREMENTS 
 

The main aim of rock mechanics 
monitoring and, in particular, of GPS-
measurements, is to identify space and time 
displacements of the basic stations due to 
large mining-induced impacts.  Coordinates 
of all the stations in the geodynamical 
 

 
 testing site vary under impact of the 
following causes: 
 Global displacements of Euro-Asian 

lithospheric plate global; 
 Mining-induced displacements, 

techn.; 
 Errors of GPS-measurements, error 

 
In this case total displacements of basic 
stations can be determined by equation: 
  = global + techn. + error  (4) 
Coordinates of a basic station (Mining 
Institute) vary under impact of: 
 Global displacements of Euro-Asian 

lithospheric plate MIglobal; 
 Errors of GPS-measurements, error 

MI = MIglobal + MIerror  (5) 
It is suggested that:  

global= MIglobal; 

error = MIerror 
Hence, to determine displacements of the 

stations from the geodynamical testing site 
due to mining-induced impacts only it’s 
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necessary to deduct displacements of the 
basic station appropriate in time from the 
total displacements of each station. So, final 
mining-induced displacements of the 
stations can be determined by the formula:  

techn. =  – global – error =  – 

MIglobal – MIerror =  – MI.  (6) 
Table 2 presents “reduced” displacements 
of the stations, i.e., displacements 
calculated taking into account 
displacements of the basic station. 

Table 2 Reduced displacements of basic stations  

Year  

, mm , mm , mm 

“Smot

rovaya

” site  

    

“Smot

rovaya

” site  

    

“Smot

rovaya

” site 

    

2007 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 0,0 

2008 0,0 0,4 -0,2 9,1 9,1 -0,4 -0,4 -0,5 9,5 18,6 -0,8 -2,8 -0,7 8,3 -37,3 

2009 -261,0 -282,0 -275,0 -271,4 -272,0 -112,5 -126,0 -122,4 -128,6 -136,7 -633,1 -682,7 -655,5 -680,3 -655,4 

2010 -20,9 -21,6 -17,1 -16,8 10,0 -12,0 -14,0 -11,7 -9,7 3,5 -46,5 -43,2 -44,9 -56,9 -9,3 

2011 23,5 27,8 20,9 31,6 26,5 23,0 19,8 16,3 21,5 14,2 57,3 61,8 58,4 53,3 36,8 

2012 6,9 10,1 4,7 38,0 27,9 -14,8 -18,9 -22,4 -0,2 -10,6 -2,2 -15,4 -36,9 35,3 2,9 

 

By reduced displacements there were 

calculated values of secondary principal 

deformations and stresses, rotations and 

complementary specific deformation 

energy in structural elements of rock mass. 

The latter are triangles which apices are 

formed by the corresponding stations 

[Savchenko, Kasparyan, 2007]. The 

calculation results for the most typical 

structural blocks are presented in figure 2 

and table 3. 

 

 

 

 

 

 

 

 

 

 

 
 

Figure. 2 Typical structural blocks of the 

testing site with estimated stress-strain state 

and energy-saturation 
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Table 3 Secondary stresses in the rock mass ( 1, 2, 3), rotations and complementary specific 

deformation energy (w) in elementary volumes of structural blocks. 

Block Year 

Secondary principal stresses, 

MPa  

 

Rotation  
Specific 

energy 

change, w, 

MJ/m
3
 

Notes  

1 2 3 1 2 3 

-
-

 

2007-2008 0,6078 -0,0908 -0,3283 -5 - -5 -5 -05 

 

2008-2009 0,1674 0,0014 -0,4111 - -5 -5 - -5 -05 

 

2009-2010 0,7554 0,1328 -0,3892 -5 -5 - -5 -5 

 

2010-2011 0,0914 -0,1061 -0,2878 - -5 - -5 -5 -5 

 

-
-

 

2007-2008 0,5538 -0,0314 -0,2638 -5 -5 -5 -5 

 

2008-2009 - -5 -0,0824 -0,3617 - -5 - -5 - -5 -5 

 

2009-2010 0,4237 -0,1211 -0,5795 -5 - -5 - -5 -5 

 

2010-2011 0,1683 -0,0017 -0,1677 - -5 -5 -5 -5 

 

-
- 

S
m

o
tr

o
v

ay
a 

2007-2008 0,7553 0,1493 -0,5949 -5 -5 -5 -05 

 

2008-2009 0,3000 0,1062 -0,2970 - -5 - -5 - -5 -05 

 

2009-2010 0,0161 -0,6860 -1,6177 3, -5 - -5 - -5 -5 

 

2010-2011 0,4284 0,1866 -0,1336 - -5 -5 -5 -5 

 

-
- 

S
m

o
tr

o
v

ay
a 

2007-2008 0,3474 -0,044 -0,0144 -6 - -5 - -5 -5 

 

2008-2009 0,1115 -0,3017 -0,7177 -5 - -5 -5 3, -5 

 

2009-2010 -0,0241 -0,0358 -0,1381 -6 -5 -6 -5 

 

2010-2011 0,2152 0,0992 0,0497 -5 -5 - -5 -5 
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5 RESULTS ANALYSIS  
 

The tensor of secondary stresses in all the 
calculated blocks for the period estimated 
(2007-2010) is caused by simultaneous 
action of compression and tension stresses, 
but for the “Smotrovaya P1-P2” block 
where change of stress state was caused by 
small compression stresses only (2009-
2010), and by tension stresses only (2010-
2011). 

For the whole observation period (2007-
2011) maximum tension stresses ( 1=+0.75 
MPa) were registered in « 2 – 3 – 4» 
block during 2009-2010, and maximum 
compression stresses 3=-1.62 MPa were 
registered in the “Smotrovaya-P3-P4” 
block. It’s necessary to note that these 
stress values are realized stresses as a result 
of deformation for a time period from a 
previous observation period, i.e., from an 
initial state of the rock mass monitored. In 
general, the results obtained indicate that 
rocks intensity degree is characterized by 
rather low values of stresses changes for the 
period under review. 

Value of complementary specific energy 
in all the blocks was varying during all the 
period under review. Maximum energy 
change ( =140.26 J/m

3
) was registered in 

the “Smotrovaya-P3-P4” block for 2009-
2010. This value was much smaller than a 
critical value of 0.25÷0.30 J/m

3
determined 

by the samples destruction. During the 
subsequent cycle the energy value was 
reduced almost by an order. 

Relatively large changes of energy 
magnitude correspond to the blocks 
containing P3 and P4 stations, which is 
evidence of larger activity into this part of 
A-A fault, and, into the hanging wall of the 
deposit, in general.    

  
6 CONCLUSION 
 

Monitoring of the geodynamical testing site 
located at the Tsentralny mine, “Apatit” 
JSC, indicates that the rock mass within an 
area observed noticeably responds on 
seismic events, and stress-strain state of 
structural blocks changes accordingly.  The 

developed technique of measurements and 
results treatment allows tracking secondary 
deformations values, calculating angles of 
stress-strain state change, determining 
rotations and assessing a realized 
deformation energy magnitude for the 
structural blocks observed. The structural 
blocks the most actively reacting to change 
of a total geodynamical situation were 
selected. Continuing observations and 
further results accumulation must 
demonstrate how far these active blocks can 
indicate state of the whole rock mass. It is 
quite possible that these active blocks can 
demonstrate trends of change of the rock 
mechanics setting at the whole monitored 
rock mass. 
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ABSTRACT The development in urban areas typically requires the necessity of deep 
excavations near existing structures on the surface.  

For reasons of space these excavations are near and structures in service area. The integrity 
and stability of these structures is a key issue during the different phases of new construction 
work (excavation, construction ...). 

This problem represents a complex study of soil-structure interaction. In this paper, we 
present a numerical study of this interaction and we perform a comparison between the 
numerical results obtained in both two dimensional with CESAR-LCPC code. 

 
Keywords Soil settlement, behavior, comperative study, measurement result, numerical code, 
foundation, deep excavation 
 
 
1 INTRODUCTION 

In dense urban environments where land is 
scarce and buildings are closely spaced, deep 
excavation for basement construction and 
other underground facilities such as mass 
rapid transit stations and cut-and-cover 
tunnels is unavoidable. As these excavations 
are usually carried out close to existing 
buildings, a major concern is to prevent or 
minimize damage to adjacent buildings and 
underground utilities. To date, most of the 
research has been on the prediction of 
ground settlement and the lateral movement 
of the retaining wall system Peck (1969); 
Clough and O’Rourke (1990); Ou et al. 
(1993). 

Many studies on the performance of earth 
retention systems were done and reported 
since the past couple of decades. Lateral and 
vertical behavior of excavation, responses of 
adjacent structures, and performance of stiff 
support are referred to Finno and Harahap 

(1991), Finno and Bryson (2002), Son and 
Cording (2005, 2007). The effect of corners 
in strutted excavation in Singapore and 
performance of top-down excavation in 
Shanghai and Taiwan can be referred to Lee 
et al. (1998), Onishi and Sugawara (1999), 
Ou et al. (1998), and Kung (2008). 
Performance of permanent anchored wall 
and the stability issues are referred to Briaud 
et al. (2000) and Mueller et al. (1994). 

Because of the great risk associated with 
the potential impact of construction 
deformations on adjacent structures. The 
designers of the design office undertook the 
responsibility of designing the excavation 
and shoring system to control ground 
deformations within specified limits. 

The specified  limits for deformations 
were  developed  based  on  detailed  
structural  analyses  that  evaluated the  
response  of each  individual building to the 
estimated  deformation profiles. In addition, 
specified requirements regarding the 
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excavation and shoring processes were 
developed to minimize the risk that ground 
deformations might exceed the tolerable 
limits determined from the structural 
analyses.  

The philosophy and approach followed by 
The designers team was based on the 
premise that the designer is in the best 
position to specify the requirements for the 
various construction activities to achieve the 
intended results. 

A monitoring program was implemented 
to measure ground and building 
deformations during construction. The 
ground deformations caused by the various 
construction activities were evaluated and 
compared with the estimates made during the 
design. 

During construction in front of the 
buildings, the ground deformations as well as 
the performance of the buildings were 
monitored carefully and evaluated promptly, 
and they were compared with the results of 
the structural evaluation to verify that the 
existing buildings were not impacted 
adversely. 

This study summarizes the geotechnical 
aspects of airshafts construction (PV1). It 
presents and discusses the subsurface 
conditions and the key elements of the 
excavation and shoring design, and 
summarizes the results of the measurements 
regarding the performance of the excavations 
and of the adjacent buildings (fig. 1). 
General conclusions from this case history 
are presented at the end of the paper. 

Figure 1: Map view of the part project area. 

2 GEOLOGICAL AND 
GEOTECHNICAL CONDITIONS  

Algiers region is constituted of three 
geomorphology types Sahel, lowland of 
Mitidja and Blideen Atlas. The recognition 
analysis of the geologic exploration showed 
that the basement is mainly made of a 
homogeneous structure. This structure is 
represented principally by four big distinct 
lithology types:  

- The Plaisancien, formation of grey marl 
at grey greenish,  

- The Astian formation, sandstone, fine at 
coarse sands,  

- The Plio-quaternary formation, brown 
clay at blow,  

- The Quaternary formation, colluviums, 
alluvial deposits.  

The Algiers region is an active seismic 
zone, according to its geographical position 
on the verge of both tectonic plates, which 
are in continuous compression, Africa and 
Europe.  

The medium geotechnical characteristics 
of the different skylines obtained at the 
geotechnical exploration are summarized in 
the tab. 1, and represented in figure 2. It has 
been observed following 

 Embankment: Rx  
 Quaternary clay: Q.A 
 Tertiary clay: T.A 
 Tertiary sandy: T.S  

We note that the level of aquifer is below 
our buried structures 
 

Figure 2: Calculating sections into the well. 
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Table 1: Commun physical and geotechnical 
properties of the soils  
 

 Rx Q.A T.A T.S 
 

(KN/ ) 
19 20 22 21 

E  
(MN/ ) 

7 31 43 77 

 
(kN/ ) 

0 48 53 55 

 
(kN/ ) 

5 72 89 76 

  
(º) 

19 22 25 27 

  
 

19 16 17 21 

K 
 (m/s) 

-    

Ko 0,6 0,6 0,6 0,6 

3 PROJECT DETAILS 

At the completion of PV1, the digging was 
done with steps of progress whose value 
depended on the nature of the different strata 
of the ground to a depth of 24 m. Steps 
ranged from 0.5 meters to dig the most 
unstable layers, up to a pitch of 1.5m  layers 
for more stable. 

The support used is composed of 
Shotcrete more welded mesh. The well is 
applied compression; welded mesh is not 
involved in the resistance, but serves to keep 
up the shotcrete (table 2 and table 3). 

Sections of calculation we have chosen 
correspond to the levels chosen by designers 
for measuring convergence in the well, and 
to be able to compare the results with actual 
measurements measured (figure 3). 

 
 

Table 2: Propriety of projected concrete 
C25/30 (EC 2) 

( ) 

KN/m
3
 

c 

MN/m
2
 

t 

MN/m
2
. 

Eb 

MN/m
2
 

25 25 2,6 15.000 
 
 

 

Table 3 :  Propriety of projected concrete 
C25/30 (EC 2) according to the depth 

Depht 
Number of 

plies 

Thicknesses 

corresponding 

[cm] 

3 1 12 

6 2 24 

9 3 36 

12 3 36 

15 3 36 

18 3 36 

21 3 36 

24 3 36 
 

 

Figure 3 : Implementation targets in the well 

4 FINITE ELEMENT ANALYSIS 

A series of 2-D simulation using the finite 
element analysis were conducted by using 
CESAR-LCPC software. This program was 
designed to provide complex geotechnical 
structure analysis in two and three 
dimensions. Soils were modeled using the 
drained material properties with the linear 
elastic perfectly plastic “Mohr Coulomb” 
failure criteria. 

Simulation of the TV 1 process was 
commenced with the selection of the PV 1 
geometry and model geometry in two 
dimensions, the model takes advantage of the 
axisymmetrical of the problem. 
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The model was fixed in the horizontal 
direction at two vertical sides, which means 
that vertical movement was allowed, and the 
bottoms part of the boundary was fixed in the 
vertical movement. The vertical or horizontal 
movement was allowed at top surface the 
model, as can be seen in Fig. 6. 

4.1 Sequential Excavation of Model. 

In this analysis, excavation has been 
carried out in seventeen steps. The detail 
analysis procedures used during this 
sequential excavation model are as follows: 
Step1. Constraint initialization (apply gravity 
forces), 
Step2. Excavation 3m depth the 
representative elements of the lining are 
deactivated  
Step3. The representative element of the 
lining support of the excavation is activating. 
Step4. Excavation another 3m depth the 
representative elements of the lining are 
deactivated. 
Step5. The representative element of the 
lining support of the excavation is activating 
(between 3 and 6 m), 
Step 6. We redo steps 4 and 5 to step 17, 

5 INTERPRETATION AND 
CONCLUSION 

Figure 5 presents the comparison between 
the measured, analytical solution and 
numerical solution with Cesar-LCPC at PV 
1. 

After completion of the analyses, the 
measured indicated that at the completion of 
excavation, wall of excavation only 
developed 20 mm deflection to the 
excavation side at 16 m from the surface. 
This  important deformation with respect to 
the value measured in the bottom of the 
excavation (3mm) and at the head of the 
excavation 4mm, is due to be possible errors 
in the measurements. Since displacements of 
the wall are important in design, it is 
desirable to obtain more accurate 
measurements. It is believed that since other 
measurements compare well with the 
predictions, the displacements from the finite 

element prediction can be considered to be 
reasonable.  

In another time, the FEM modeling results 

indicated that at the completion of 

excavation, wall of excavation only 

developed 15 mm deflection to the 

excavation side. This small deflection can be 

attributed that Overload due to the building 

who did not have much im pact on the 

excavation of PV1. 

 

Figure 4: Finite element mesh for two 
dimensional models 

Figure 5: Results of deformation of the walls 
depending on the status of digging through 
the code Cesar-LCPC, analytical solution 
and measured. 
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In another time, the FEM modeling results 

indicated that at the completion of 

excavation, wall of excavation only 

developed 15 mm deflection to the 

excavation side. This small deflection can be 

attributed that Overload due to the building 

who did not have much impact on the 

excavation of PV1. 

Finally the result of analytical solution 

given by the convergence confinement 

method is give 33 mm in the bottom of the 

excavation. 

The observations of results of a deflection 

for differents analysis are: 

- Deflection given by analytical solution is 

approximately twice the FEM. 

- Deformation given by the FEM is less 

than that given by the measures. This is due, 

to our notice by the assumption made in 

axisymmetrical FEM, which involves; the 

loading is the same on the entire surface 

while our building is right in a part of the 

surface. 

In conclusion, if appropriate soil 

parameters and construction conditions are 

used and assumed, continuous FEM 

modeling can predict performance of 

excavation of the well. Therefore, such 

analysis can serve as a reference for design 

or prediction on performance of retaining 

structures. 

In addition, continuous FEM analysis is a 

powerful tool to understand soil–structure 

interaction mechanism under complex 

construction conditions. 
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ABSTRACT Design and construction of engineering structures in geomaterials with block-
in-matrix texture (referred as bimrock in literature) such as conglomerates, breccias and 
agglomerates are challenging task for engineers. When dealing with these materials in 
important structures such as open pits with high walls and pillars of deep underground mines, 
understanding the complete stress-strain behavior, including post-peak region, is a formidable 
yet crucial engineering practice. In this paper, to study the post-peak behavior of bimrocks, 
artificial specimens were fabricated. All the experiments were conducted under uniaxial 
compressive stress conditions using a servo-control compression testing machine. The results 
showed that, the highest block proportion specimens (around 90% by weight) showed a small 
decrease in stress with strain increment in post-peak part. The specimens with lower block 
proportion were characterized by an approximately steep fall in stress and following to 
residual stress. Based on the study it is inferred that all the artificial specimens undergo post-
failure deformation and the type of post behavior depends on block proportions. 
Keyword: bimrocks, uniaxial compression loading, servo-control, post-peak.   
 
 
1 INTRODUCTION 

In nature, there are a great number of 
geomaterials (rock or soil) with a texture of 
stiff rock blocks surrounded by weaker soil-
like matrix. In the literature, these 
heterogeneous rock mixtures are commonly 
referred as block-in-matrix rock (bimrock) 
(Medley, 1994), soil-rock mixture (SRM) 
(Xu et al., 2008) or Stiff rock-soil mixture 
(SRSM) (Afifipour & Moarefvand, 2012). 

The most widespread bimrocks are 
conglomerates, breccias in sedimentary 
rocks, agglomerates and pyroclastics in 
igneous rocks, tectonic mélanges and flysch 
in metamorphic rocks and in artificial forms, 
mine waste dumps, tailing dam materials and 
cemented rockfill as backfilling materials in 
underground mining (Medley 1994; 
Afifipour & Moarefvand, 2012).  

Due to widely distribution of bimrocks in 
nature, mining engineers may encounter with 
such challenging materials during surface or 
underground mining projects. For example,  
conglomerate in Upper Witwatersrand basin 
in South African gold mines (Schweitzer & 
Johnson, 1997), coarse-grained cemented 
alluvium covered the host rocks and ore 
minerals in Gol-e-Gohar Iron mine(Iran) 
(Akbarijour et al., 2005), Shale-Limestone 
Chaotic Complex bimrock (SLCC) at the 
Santa Barbara disused open-pit mine (Italy) 
(Coli et al., 2011), soft conglomerates and 
claystones of Newcastle coalfiled (Australia) 
(Hutton, 2009) are some of bimrocks 
reported in mining activities. In artificial 
forms of bimrocks in mining projects, 
Cemented paste backfill is an illustrative 
example that increasingly used around the 
world as a structural component of 

Post-Peak Behavior of Geomaterials with Block-In-Matrix 
Texture 
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underground mine excavations. This 
artificial bimrocks is a mixture of total mill 
tailings generated during mineral processing, 
Portland cement or blended cement with 
supplementary cementitious material, and 
water (Hustrulid & Bolluck, 2001; 
Benzaazoua & Belem, 2008).  

When dealing with bimrocks in mining 
engineering from geomechanic point of 
view, it is essential to understand their 
representative mechanical properties, in 
order that safe and economic mining 
operations can be achieved. In the mining 
activities especially underground mining, the 
stability control of surrounding rock mass is 
an important issue, which must be 
considered. The complete stress-strain curve 
of an intact rock specimen, whether tested in 
uniaxial compression or in a confined state, 
is useful in understanding the total process 
of specimen deformation, including pre and 
post-peak regions, can provide insight into 
potential in situ rock mass behavior 
(Fairhaust & Hudson, 2000). 

The post-peak mechanical characteristic 
of rock mass plays a leading role in stability 
control of surrounding rock mass in 
engineering structures. For example in 
design of excavation in rocks, the 
information on the shape of the post-peak 
region of rock samples is an essential 
parameters in designing excavation in a rock 
mass (Fig. 1). Once the excavation area is 
completed, most of the rock material 
surrounding it is in pre-failure zone. To 
avoid failure the loading must be within the 
pre-peak region.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

 

 

 

 

 

 

 

 

 

Figure 1. Relationship of complete stress-

strain curve on rock excavation work (after 

Hudson, 1989) 

Therefore, knowledge on the post failure 
phase would also help reducing any potential 
hazards that contribute to the economic 
advantages of construction (Abdullah & 
Amin, 2008). In regard to studying post-peak 
mechanical behavior of rocks, a lot of 
research has been carried out from different 
aspects of engineering practices (Hudson et 
al., 1972; Hallbauer et al., 1973; Chu et al., 
1996; Xiurun, 1997; Hoek & Brown, 1997; 
Sterpi, 2000; Zhou, 2005; Liang et al. 2007, 
and Kumar et al. 2010). About bimrocks, 
there are few relevant studies in the 
literature. Many researchers (Medley, 1994, 
2001, 2002; Medley & Goodman, 1994; 
Lindquist, 1994; Sonmez et al., 2004, 2006; 
Kahraman & Alber, 2006, 2008) have 
investigated the properties of different 
bimrocks. However, none of these studies 
specially investigated the post-peak behavior 
of bimrocks. 

In this paper, to properly interpret the 
complete stress-strain behavior of bimrocks, 
especially with high rock block contents 
under uniaxial compression loading 
conditions, model bimrocks with rock block 
proportions more than 70 percent were 
fabricated. In more details, model bimrocks 
were fabricated for three high content of 
rock blocks including around 70, 80 and 90 
percent. Uniaxial compression test on two 
sizes of cylindrical specimens were 
conducted. In the following, we first explain 
a little about common post failure response 
of rocks. After that, the experimental 
procedure including specimens preparation 
and testing are stated. Then, the 
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experimental results will be analyzed and 
discussed in details. Finally, we conclude 
with remarks about potential perspective of 
this work. 

 

2 POST FAILURE RESPONSE OF 
ROCKS 

In general, there are two main types of post-
peak behavior of rocks as shown in Figure 2. 
The concept of Class-I and Class-II post-
failure behavior was originally proposed by 
Wawersik and Fairhurst (1970), to classify 
the shape of the complete stress-strain curve 
for a particular rock according to its strain 
beyond the peak strength. If the strain 
increases monotonically throughout the 
failure process, the curve is designated as 
Class-I, and if the curve does not 
monotonically increase in axial strain, the 
behavior is Class-II.  For Class II behavior, 
at the peak of the curve, the specimen 
contains more elastic energy than is 
necessary to continue failure and so some 
energy must be withdrawn, by reducing the 
axial strain, to continue non-violent 
progressive failure. Cylindrical specimens 
that exhibit Class I behavior tend to be 
somewhat ductile in nature when loaded 
axially; whereas specimens that exhibit 
Class II behavior tend to response in a brittle 
fashion to axial loading (Fairhurst & 
Hudson, 1999). Different controlling 
methods are necessary when testing 
specimens that exhibit Class II behavior. 

 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 2. Complete stress-strain curves of 
rocks under uniaxial compression illustrating 
the two main types of failure behavior. 

 

Figure 3 schematically gives a set of 
common stress-strain curves, including post-
peak region, observed in laboratory test of 
rock and soil specimen. They are typically 
classified as four types, i.e. perfectly brittle-
plastic (curve I), strain-softening (curve II), 
perfectly plastic (curve III) and strain 
hardening (curve IV) (Zheng et al., 2005; 
Wang et al., 2011). 

Concerning the rock mass scale, Hoek and 
Brown (1997) were among the earliest 
authors highlighting the significance of 
having an estimate of post-peak rock mass 
behavior (Alejano et al., 2010). 

 
 
 
 
 
 
 
 
 
 
 
 

 
 

Figure 3. Stress-strain curves observed in 
laboratory test of rock and soil specimen 
focusing on post peak region  
(After Wang et al., 2011) 

 

They categorized the rock mass responses 
according to the GSI value (Fig. 4). For 
massive brittle rock (70<GSI<90), Hoek and 
Brown (1997) reported high stress resulting 
in intact rock failure and practically all 
strength lost on failure. For heavily jointed 
rock (50<GSI<65), moderate stress levels 
result in a failure of joint systems and the 
rock becomes like gravel. For jointed 
intermediate rock (40<GSI<50), strain 
softening was assumed. Finally, for very 
weak rock (GSI<30), elastic–perfectly 
plastic behavior and no dilation was 
assumed; in other words, the failure criteria 
is already at the residual stage (Fig. 4). In the 
following the post-peak behavior of 
bimrocks specimens are discussed. 
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Figure 4. Different post-failure rock mass 
behavior modes for rock masses with 
different strength indexes (GSI) (Based on 
Hoek and Brown (1997)) 

 

3 ARTIFICIAL BIMROCKS 
FABRICATION AND TESTING 

The main objective of this experimental 
study is to investigate the post-failure 
response of model bimrocks. In this 
research, three series of cylindrical 
specimens of sizes 150 *300 (mm) were 
fabricated. Artificial bimrock were prepared 
by mixing of rock particles and a cementing 
agent that in this research Portland cement 
was used.  

For rock particles, river aggregates were 
chosen that the diameters range from 5 to 20 
mm. The particles have a density of 2.53 
gr/cm

3
 with smooth surface and a good 

variability in spherity and almost normally 
distributed sizes. The compressive strength 
of the particles is around 25 MPa according 
to the correlation by point load test, so that 
they can break under moderate compressive 
loads. 

For the matrix, Portland cement and water 
were mixed in the ratio of 0.3 
(water/cement) to prepare mortar, which can 
be filled easily into the mold while 
embedding the rock blocks. Three artificial 
bimrock compositions were prepared with 
mixture ratio by weight of rock blocks range 
around 70, 80 and 90 percent. Three 
specimens of each proportion were created. 
The rock particles were mixed with desired 
amount of cement and water in a box at 
ambient temperature and carefully stirred 
manually until a homogeneous mixture was 

obtained. Then, the mixture was placed in 
the molds whose internal wall was covered 
by a greasy film, which had a weak adhesion 
with the cementing paste. The mixture 
compacted layer by layer in order to obtain a 
dense packing, which was unmolded after 24 
hours. For curing the specimens, they were 
kept for 28 days in a wet environment at a 
temperature of around 25 and relative 
humidity of 95 percent.  Three 150*300 
(mm*mm) cylindrical specimens respect to 
their rock block proportion (RBP) by weight 
were fabricated, as shown in Figure 5.   

The compression test was performed 
according to ASTM C 42(1995) which has 
several requirements regarding the shape of 
the test cylinders used for the compression 
test. 

 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 5. Fabricated model bimrocks with 
three different rock block proportion (RBP) 
in cylindrical mould of size 150*300 
(mm*mm) 

 

One of the main requirements is that, the 
ends of the specimens are required to be 
within 0.5 degree of perpendicular to the 
axis, and must be plane. Because of the high 
proportion of rock blocks in the model 
bimrocks, none of them met this 
requirement. Therefore capping the ends of 
the specimens is required. The cylinder 
specimens were capped at both ends with a 
gypsum capping compound following 
ASTM C617 (1995).  
   The servo-hydraulic testing machine frame 
used to perform uniaxial compression test, 
are shown in Figure 6. All the compression 
tests were carried out under displacement 
control at a rate of 0.03 mm/sec. In each test, 
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the loading was continued until full failure 
of the specimen occurs.   

  
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 6. Servo hydraulic 8502 Instron 
instrument for compression testing 
containing model bimrocks 
 

In the following section, we present and 
discus our main experimental results by 
focusing on the post-peak behavior of 
bimrocks as a function of high rock block 
proportions under uniaxial compression 
loading. 

4 EXPERIMENTAL RESULTS 

In Figure 7, a series of failed specimens with 
different RBP are illustrated. According to 
the figure, localized shear failure with 
tortuous shape were dominant failure modes 
for these specimens.  
  Complete stress-strain curves of two series 
of cylindrical samples are shown in Figure 8. 
Post peak behavior in all the uniaxial 
specimens was observed as strain softening 
and ductile. 
   Generally, softening is associated with a 
zone of localized microcracks that coalesece 
and propagate to form a fracture or shear 
band, depending upon loading condition. 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 7-A series of failed specimens with 

different RBP. 

  Inside the zone a decrease in stress is 
accompanies by an increase in strain, while 
outside the zone the strain decreases (Labuz 
et al., 1985; Labuz & Biolzi, 2007). 
  In all these curves, thickness of lines 
referred to the RBP of the specimen (Fig. 8). 
In pre-peak region, for all curves, the trend 
is more or less identical. In pre-peak region, 
first part is characterized by a non-linear 
concave upward section that is due to the 
porous texture of specimens and closure of 
voids and pre-existing fissures in the 
specimens. After this part an approximately 
linear part, exist that followed by a non-
linear part up to the peak strength point. Of 
course, for the specimens a unique and sharp 
strength peak point could not considered. It 
may be due to the localized failure and rock 
block movement that lead to interlock with 
surrounding blocks. 

The deformation patterns observed in the 
post-failure region can be broadly 
categorized in to three types. Of course, as a 
general result, increasing the RBP in the 
specimens change the deformation in post 
peak from “an approximate steep drop in 
stress” to “low decrease of strength with 
strain increment”. 

1) 70 %RBP Specimen. After the peak 
stress, the stress drops steeply with 
continued deformation. The load bearing 
capacity of rock decreases very fast with a 
very small amount of deformation. 

2) 80 % RBP Specimen. For this 
specimen, the stress drop rate decrease 
respect to the 70 RBP specimens and has a 
gentler trend.  
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3) 90% RBP specimen. In the post-peak 
region, the stress decreased gradually with 
significant deformation. 

According to Figure 8, deformation 
modulus for the specimens has a special 
tread. Considering the tangent modulus 
(TM) for each stress point of the curves, for 
the first part, concave upward, the TM value 
increased gradually to reach a constant 
amount corresponding to the equivalent 
elastic modulus. After that, with strain 
increment, TM decreased gradually to zero 
at the peak zone. 

Further, the modulus in the post peak zone 
is very important especially in both long 
wall mining and design of mine pillars 
(Bieniawski, 1984). In all these curves, the 
dotted line at the post-peak region shows the 
approximate slope of post-peak deformation 
(equivalent to the deformation modulus in 
post-peak region). 

According to the figure 8, the negative 
slope of the stress-strain curves in post-peak 
part decreases with an increase in RBP of the 
specimens. For some specimens in post-peak 
region of stress-strain curves, the 
deformation changes locally from softening 
to hardening. 
 

 
 
 
 
 
 
 
 
 
 
 

 

 

 

 

 

 

 

 

 

 

Figure 8- Two series of complete stress-
strain curve for 150*300 (mm*mm) 
cylindrical specimen of artificial bimrocks 
with three high different RBP. 

 
However, the dominant trend is softening 

for post-peak deformation. These locally 
hardening parts may be due to secondary 
interlocking during bond degradation 
between rock blocks and their resultant 
displacement. 

The Class-II failure as reported in the 
literature was not observed in the specimens. 
Based on the study it is inferred that all the 
artificial specimens undergo post-failure 
deformation and the type of post behavior 
depends on specimens’ RBP value. 

5 CONCLUSION 

Based on the laboratory tests on artificial 
bimrocks specimens with high RBP using a 
servo-controlled machine, stress-strain 
curves of bimrocks specially post peak 
behavior were investigated considering 
different RBP. Obviously, the stress-strain 
relation and deformation characteristic in 
post-peak region depend strongly on the 
RBP of the specimens. The specimen with 
the higher RBP has a gentler post-peak 
behavior. However, for the specimen with 
lower RBP the shape tends to become 
sharper. 
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ABSTRACT  Mode I and mode II stress intensity factors (SIFs) through the thickness of 
edge crack in semi circular bend (SCB) and center cracked circular disc (CCCD) specimens 
have been analyzed using three dimensional finite element analysis. The effect of the CCCD 
and SCB specimen thickness on the through-thickness variations of SIFs has been studied. 
For all mode of mixity, the peak value of mode I SIF is found at mid plane of SCB specimen 
and for thin CCCD specimen, while, this location is shifted to be near the free surface plane 
in thick CCCD specimen. The variation of mode II SIF in CCCD and SCB specimens has a 
similar trend.  
 
Keywords: Stress intensity factor; Mixed mode I/II; SCB specimen; CCCD specimen; three     
dimension finite element.  
 
1 INTRODUCTION 

Cracks experience a combination of two 
major modes of loading: mode I and mode II 
due to arbitrary orientation of flaws relative 
to the overall applied loads. Two frequently 
employed disc type specimens are the centre 
cracked circular disc (CCCD), subjected to 
diametral compression, often called the 
Brazilian disc, and the edge cracked semi 
circular bend (SCB) specimen subjected to 
three-point bend loading. The major 
advantages in using these two specimens are 
that specimens can be easily extracted from 
the cores of rocks materials; they have a 
simple geometry and simple loading 
configuration. In addition, the test procedure 
is straightforward, there are few machining 
operations and different mode of mixities 
may be introduced from pure mode I to pure 
mode II. Hence these test specimens have 
been used frequently to investigate mixed 
mode crack growth of rock materials, 
concrete, biomaterials, and other material 
(Sallam, and Abd-Elhady, 2012), (Chen, et 
al. 1998), (Ouinas, et al. 2009). Ayatollahi 
and Aliha (Ayatollahi, and Aliha, 2008) 
depicted that the normalized mode I and 

mode II stress intensity factor are functions 
of the crack length ratio a/R and crack angle  

 only for CCCD specimen and crack length 
ratio a/R, crack angle  and S/R for SCB 
specimen as shown in Figure 1.  

The stress state near an actual crack tip is 
always three-dimensional and can 
significantly influence crack growth. Hutar 
et al. (Hutar et al. 2010) show that, the stress 
singularity exponent is not constant along 
the crack front and the stress field around the 
crack tip is usually based on stress intensity 
factors. Garcia-Manrique et al. (Garcia-
Manrique et al. 2013) use Al 2024-T35 
compact tension specimen under mode I 
nominal loading to evaluate the SIFs 
distribution along the thickness. They 
concluded that, a smaller SIFs value is 
present near the surface than in the interior 
causing a smaller plastic zone than the 
expected value with plane stress condition. 
Kwon and Sun (Kwon and Sun, 2000) 
concluded that, except for plates with very 
large thicknesses, the 2-D SIFs is quite 
different from the 3-D SIFs at the mid-plane. 
Furthermore, the profile of stress intensity 
along the thickness direction is still in 
question. Kown and Sun (Kwon and Sun, 
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2000) stated that, SIFs should drop to zero at 
the plate free surface due to the weaker 
singularity than square root, but this is 
difficult to obtain by the finite element 
method 

 Accurate stress analyses of these through-
cracks components are needed for reliable 
prediction of their crack-growth and fracture 
strengths. However, because of the 
complexities of such problems, exact 
solutions are not available. To the best 
knowledge of the author, SIFs through the 
thickness of edge crack in SCB and CCCD 
specimens is still not fully studied. 
Therefore, this paper concentrated on 
computation the SIFs through the thickness 
of CCCD and of SCB specimens for 
different specimen thicknesses and mode of 
mixities using 3D FEA.   

 

2  FINITE ELEMENT ANALYSIS 

Figure 1 shows the geometry and loading 

condition of the CCCD and SCB specimens 

used for mixed mode I/II fracture tests. 

 

In the CCCD specimen, the orientation of 

the centre crack of length 2a relative to the 

applied load P is defined by the angle  and 

varies the state of crack deformation, giving 

different combinations of modes I and II. 

Similarly for the SCB specimen, by 

changing the inclination angle  of the edge 

crack of length a with respect to the applied 

load P, various mode of mixities can be 

achieved. For both specimen shapes,  = 0
o
 

corresponds to pure mode I (opening mode) 

loading. By increasing the loading angle  

from zero, mode II is introduced. 
To study the effect of mode of mixity and 

the effect of specimen thickness, B, on 
through-thickness stress intensity factor, 
several CCCD and SCB specimens with 
different crack angles were simulated. The 
geometry and dimensions of the CCCD and 
SCB specimens are listed in Table 1. For the 
sake of comparison, the basic dimensions of 
CCCD and SCB specimens R (specimen 
radius), 2t or B (specimen thickness), and a 
were considered to be the same for each two 
corresponding specimen sizes (see Table 1). 
SCB specimen is placed on two bottom 
supports of distance 2S. Thus, the ratio of 
a/R was equal to 0.3 and the ratio of S/R was  

 
 

 
 
0.43 in the SCB specimens. Mixity 
parameter, M

e
, is defined as (Aliha et al. 

2008):  
 

Figure 1. Geometry and loading conditions of CCCD and SCB specimens subjected to 
mixed mode I/II loading 
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R 

(mm) 

2t 

(mm) 
a (mm)  (

o
) 

  = B  
M

e 
= 

1 

M
e
 = 

0.75 

M
e 
= 

0.5 

M
e
 = 

0.25 
M

e
 = 0 

CCCD 

75 15 22.5 0 5 10.5 18 27 

75 30 22.5 0 5 10.5 18 27 

75 45 22.5 0 5 10.5 18 27 

75 60 22.5 0 5 10.5 18 27 

         

SCB 

75 15 22.5 0 18.5 33 42.5 50 

75 30 22.5 0 18.5 33 42.5 50 

75 45 22.5 0 18.5 33 42.5 50 

75 60 22.5 0 18.5 33 42.5 50 

 

          
II

Ie

K

K
M arctan

2
                  (1) 

  
 

Where KI and  KII are mode I and mode II 
stress intensity factors, respectively. In the 
present analysis, the values of M

e
 varied 

through 1 (pure mode I), 0.75, 0.5, 0.25 and 
0 for pure mode II.  

The general-purpose finite element 
program ABAQUS was used (ABAQUS, 
2002). A three-dimensional finite element 
model has been developed to account for 
geometric and material behavior of isotropic 
material. In the present work the domain 
integral method used to extract stress 
intensity factors (SIFs). The domain integral 
method has proven useful for both two and 
three-dimensional crack problems. In the 
domain integral method, a crack-tip contour 
integral is expressed as an equivalent 
domain/volume integral over a finite domain 
surrounding the crack tip. A domain integral 
method commonly used to extract stress 
intensity factors (SIFs) (Nakamura, and 
Parks 1989), (Nakamura, 1991), (Gosz, et al. 
1998), (Gosz, and Moran, 2002). The finite 
element meshes constructed with hexagonal 
structural mesh, C3D8 (8-node linear brick) 
elements, are used under Standard/static 
analysis. Around from 32 planar layers are 
divided through the thickness of the 
specimen varying with the plate thickness. 
Within each layer, the size of element 
decreases gradually with distance from the 
crack tip decreasing. The finite element 

meshes in the neighborhood of the crack tip 
are much denser. The values of mode I and II 
stress intensity factor were traced over the 
crack front of the specimen from the mid 
plane of specimen where z = 0 to the 
specimen surface where z = t. In the present 
analysis, the mode I and mode II normalized 
stress intensity factors are denoted as YI and 
YII, respectively, and it can be deduced from 
Ref. (Hutar et al. 2010), (Lim, et al. 1993) 
the general formula for normalized stress 
intensity factor Yi, which is defined as:  

 

 

aP

RtK
Y i

i

4
            i = I, II                for SCB 

specimen                                                       (2) 

 

aP

RtK
Y i

i

2
      i = I, II                 for CCCD 

specimen                                                    (3) 

 

Where:   

               KI = mode I stress intensity factor 

              KII = mode II stress intensity factor 

                 t = B/2 half specimen thickness 

               P = applied load 

               R = radius of specimen 

              a = crack length 

The normalized mode I and mode II stress 

intensity factors at the midpoint of the specimen (at z 

= 0) are YImp and YIImp, respectively, and at surface 

point of specimen (at z = t) are YIsurf and YIIsurf. 

 

 

Table 1 Specimen geometries and crack inclination angles in the tested CCCD and SCB 

specimen 
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3  RESULTS AND DISCUSSION  

To verify the accuracy of the present 
result for SIFs evaluation, the values of 
various normalized mode I and mode II 
stress intensity factors at the surface of 
CCCD and SCB specimens (Z = t), for R = 
75 mm, B = 7.5 mm, a/R = 0.3 and S/R = 
0.43 are compared with the previous 
numerical results using 2-D analysis found 
in the literature, R = 50 mm, B = 5 mm, a/R 
= 0.3 and S/R = 0.43, (Aliha et al.  2010), 
(Ayatollahi and Aliha, 2007), as shown in 
Figures 2 and 3. Figures 2 and 3 show a 
good agreement between the present results 
for normalized mode I and mode II stress 
intensity factors and those obtained by Aliha 
at el (Aliha et al.  2010), (Ayatollahi and 
Aliha, 2007). The values of normalized 
mode I and mode II stress intensity factors at 
the mid plane (at z = 0) and at free surface (z 
= t) of CCCD and SCB specimens are 
tabulated in tables 2 and 3 respectively. The 
value of YImp of CCCD specimen decreases 
by increasing B/R, while, YIsurf increases. The 
value of YIsurf of SCB decreases by 
increasing B/R. YIsurf and YImp of CCCD and 

SCB specimens decrease by decreasing the 
value of mixity parameter.  

Figure 4 shows the variation of YI 
normalized by YImp, YI/YImp, through the 
crack front of CCCD and SCB specimens for 
different M

e 
and different B/R. For thin 

specimen, i.e. B/R = 0.2, value of YI/YImp 
decreases gradually with increasing z/t up to 
z/t equals about 0.8 then the rate of 
decreasing change from gradually to sharply 
decrease for both specimens and all mode of 
mixities. For B/R > 0.2 the distribution of 
YI/YImp is not the same for both specimens. In 
the case of CCCD specimen, the value of 
YI/YImp increases gradually to its peak value 
YImax, then decreases sharply up to the 
specimen surface, i.e. bell shape. 

It is worth to note that, SIFs at the 
specimen surface should be equal zero, but it 
is difficult to get it by using FEM as 
mentioned by Kown and Sun (KWON, and 
SUN, 2000). The site of peak value of the 
YI/YImp is near the specimen surface. The 
peak value of YI/YImp of CCCD specimen 
increases by increasing B/R. This finding is 
in agreement with Zhixue (Zhixue, 2006).  

 

 

Figure 2. Comparison between the present normalized YI at the free surface of the 
specimen and those found in the literature using 2-D analysis (Aliha et al. 2010). 
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Specimen B/R  M
e 
= 1 M

e
 = 0.75 M

e 
= 0.5 M

e
 = 0.25 M

e
 = 0 

CCCD 

0.2 
YImp 1.17474 1.12806 0.97819 0.62394 0 

YIsur 1.10662 1.05881 0.92223 0.58257 0 

0.4 
YImp 1.15584 1.10799 0.96398 0.60951 0 

YIsur 1.12696 1.07748 0.93850 0.58931 0 

0.6 
YImp 1.13433 1.08638 0.95097 0.60126 0 

YIsur 1.14119 1.09197 0.96065 0.60402 0 

0.8 
YImp 1.10684 1.06073 0.92154 0.57824 0 

YIsur 1.18888 1.13710 0.99391 0.63199 0 

        

SCB 

0.2 
YImp 2.09601 1.65985 0.85306 0.32454 0 

YIsur 1.83337 1.42287 0.67280 0.17889 0 

0.4 
YImp 2.10187 1.67603 0.87104 0.35329 0 

YIsur 1.77569 1.36208 0.60562 0.12369 0 

0.6 
YImp 2.10794 1.65012 0.86398 0.33354 0 

YIsur 1.73930 1.29862 0.55021 0.07408 0 

0.8 
YImp 2.07458 1.64056 0.82505 0.31634 0 

YIsur 1.71102 1.28638 0.51505 0.05856 0 
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Figure 3. Comparison between the present normalized YII at the free surface of the 

specimen and those found in the literature using 2-D analysis (Aliha et al. 2010) 

Table 2 The values of normalized mode I stress intensity factor YI at mid point (z/t 
= 0) and at surface (z/t = 1) for the CCCD and SCB specimens for different values 
of M

e 
and different specimen thickness ratios. 
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Table 3. The values of normalized mode II stress intensity factor YII at mid point (z/t = 
0) and at surface (z/t = 1) for the CCCD and SCB specimens for different values of M

e 

and different specimen thickness ratios.  
 

Specimen B/R  M
e 
= 1 M

e
 = 0.75 M

e 
= 0.5 M

e
 = 0.25 M

e
 = 0 

CCCD 

0.2 
YIImp 0 0.4295 0.8890 1.4035 1.8699 

YIIsur 0 0.4470 0.9262 1.4643 1.9630 

0.4 
YIImp 0 0.4304 0.8826 1.4140 1.8711 

YIIsur 0 0.4463 0.9143 1.4656 1.9421 

0.6 
YIImp 0 0.4268 0.8765 1.4049 1.8713 

YIIsur 0 0.4529 0.9294 1.4916 1.9859 

0.8 
YIImp 0 0.4250 0.8719 1.3979 1.8505 

YIIsur 0 0.4511 0.9242 1.4807  1.9594 

        

SCB 

0.2 
YIImp 0 0.6592 0.8604 0.7937 0.6118 

YIIsur 0 0.6865 0.9090 0.8299 0.6318 

0.4 
YIImp 0 0.6676 0.8601 0.7753 0.6131 

YIIsur 0 0.7012 0.9055 0.8150 0.6446 

0.6 
YIImp 0 0.6728 0.8611 0.7889 0.6164 

YIIsur 0 0.7139 0.9191 0.8470 0.6686 

0.8 
YIImp 0 0.6527 0.8578 0.7796 0.6142 

YIIsur 0 0.7051 0.9282 0.8502 0.6753 
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(a) SCB specimen                                            (b) CCCD specimen                        

Figure 4 The through-thickness distributions of the normalized mode I stress 

intensity factor along crack front of (a) CCCD and (b) SCB specimens, for 

different M
e
 . 
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(a) SCB specimen                                 (b) CCCD specimen                        
Figure 5 The through-thickness distributions of the normalized mode II stress intensity 
facto  along crack front of (a) CCCD and (b) SCB specimens, for different M

e
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However, in the case of SCB specimen the 
shape of YI/YImp–z/t curve is not affected by 
B/R or mode of mixity, i.e. the peak value of 
YI/YImp is at the mid plane. This peak value of 
YI/YImp decreased by increasing B/R, i.e. 
opposite trend  of CCCD specimen with B/R 
> 0.2. Therefore it can be concluded that, the 
shape of YI/YImp–z/t curve is similar for all 
mode of mixities and B/R for SCB specimen 
and the peak value is found at the mid plane. 
In the case of CCCD specimen, the shape of 
YI/YImp–z/t curve depends on the specimen 
thickness. For thin specimen (B/R= 0.2), the 
shape is similar to that in SCB specimen, 
while, the bell shape is found for B/R > 0.2 
and the peak value is near the specimen 
surface. In these cases, the normalized mode 
I stress intensity factor is not only function 
of a/R, as concluded by Aliha and Ayatollahi 
(Ayatollahi,  Aliha, 2008) but also function 
of z/t.  

 
Figure 5 depicted the through-thickness 

variation of YII/YIImp along the crack front of 
CCCD and SCB specimens for different M

e 

and B/R. The normalized mode II SIF 
through the crack front of SCB specimen has 
the similar trend from it exited in CCCD 
specimen as shown in the figure. For both 
specimens, the variation of YII/YIImp through 
the specimen thickness is small and not 
exceed 10%.  The maximum value of YII for 
both specimens located at the specimen 
surface.  

 
4 CONCLUSIONS 

 
The 3D FEA of mode I and mode II SIF 
through the crack front in SCB and CCCD 
specimens reveals the following 
conclusions: 

1- The normalized mode I stress intensity 
factor (YI/YImp) is not only function of 
a/R, 

 (
 but also function of z/t. 

2- The shape of YI/YImp–z/t curve is 
similar for all mode of mixities and 
B/R for SCB specimen and the peak 
value is found at the mid plane.  

3- In the case of CCCD specimen, the 
shape of YI/YImp–z/t curve depends on 
the specimen thickness. For thin 

specimen (B/R= 0.2), the shape is 
similar to that in SCB specimen, 
while, the bell shape is found for B/R 
> 0.2 and the peak value is near the 
specimen surface. 

4- For both specimens, the maximum 
value of normalized mode II stress 
intensity factor located at the 
specimen surface. 
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